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APPENDI% No . 17 .

A COMPARISON OF THE DESIGN FOR CERTAIN CHORDS OF THE
QUEBEC BRIDGE WITH THOSE FOR SIMILAR MEMBERS OF OTHER
GREAT CANTILEVER BRIDGES, ILLUSTRATED WITH OUTLINE
DRAWINGS OF THE BRIDGES AND COPIES OF THE SHOP DRAW-
INGS OF THE CHORDS .

The outlines of six great cantilever bridges are shown on drawings Nos . 31 and
32 and detail plans of the lower chord construction adopted for each bridge, on
drawings Nos . 34, 35 and 30.

T) e position of the chord selected is shown in each case on the outline drawings,
except for the Forth bridge ; the detail drawing for this bridge is simply a sketch
plan showing the general make-up of the main compression members .

In the attached table we introduce for use in comparison, an example giving the
dimensions of an ordinary bridge post of the two channel type, the figures being taken
from Professor Burr's `Elasticity and Resistance of the Materials of Engineering.'
These dimensions are more or less typical of those latticed columns that have been
used in bridge construction with such success during the last twenty-five years ; the
details of such columns are now designed entirely by practical rules .

It will be noted thatthe Forth bridge chord is in a çlassby iteelf. It is rota
lattiçedsection but may be_rQgarded _us a eolid section built up out of separate plates .
No criticism touching the practical success of this design has over been made, but it
is not a class of con:truction that could be adopted `~y an American bridge company
without making material changes in its shop equipment and methods of handling its
business . We have, however, noted in Appendix No . 18 that the work of the Forth
bridge designers is worthy of careful study .

The examples taken from American practice may be divided into three groups :-
(1) Chords of the ordinary two channel type which reaches its maximum develop-

ment in the Monongahela design . .
(2) Chords of the four chànnel type latt:ced into one column as adopted for the

Memphis and Quebec bridges.
(3) Chords of the four channel type, latticed into two columns which are made to

act together by means of tie-plate connections .
This type was adopted for the Thebes and Blackwell's Island bridges .
In the following table we give the principal dimensions of the chords ahown on

the drawings.
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It is almost impossible to find any common basis for a comparison of thes e
chords. It must be remembered that latticing is often uniform in size in members on
the same bridge doing similar service, but having different loads and cross sections .
Thus in the Quebec bridge A 9-L had an area of 781 square inches and A 1-L an
area of 301 square inches, yet both members had about the same outside dimensions
in cross section, and the same latticing. Therefore as the chords selected for the
drawings are not the most heavily stressed chords in the respective bridges, comparison
by proportion of lattice to main sections would be unfair. In fact we may say that
the drawings given are only typical .

A theoretical comparison between the lattice systems of the different columns
might be made by using any one of the various formulas given in Appendix No . 10,
but we have already pointed out that no one of these formulas is generally accepted
by the profession . There are "so many causes of variation in the strength of built up
chords of equal area which are not provided for in these formulas that comparison
by calculation does not appear to ly, satisfactory.

Referring to the table it will be noted that the Quebec chord has considerably

less horizontal sti ffness (see values of T), less lattice area, less rivet area, and less
r

splice plate area in proportion to the size of the members than any of the ear li er
bridges. It should be remembered also that the unit stresses for the Quebec bridge
were higher than those of the earlier bridges. It will be noted that the earlier
designers considernLly overran 15 per cent or 20 per cent of splice plate area. This
is also true of the Quebec bridge chords, but not to the same extent . Mr. Szlapka
states 'see Evidence) that splice plates having an area of cross section equal to
15 per cent or 20 per cent of the cross section of the member would be satisfactory .

The development_of the detailplans of the Blackwell's Island bridge was çontem-
---poraneous-with-that-ofthe-Quebec-bridge .plans ; -the _Queheo_ designers-had_n9t aç cess-__

to the Blackwell's Island plans. In fairness to the Quebec bridge designers, however,

it should be pointed out that in the Blackwell's Island bridge the proportions of
many of the details are much more nearly in accord with Quebec b ridge practice
than are those of the earlier bridges, although the principles of the designs are very
different.

A consideration of the di fference in the designs on drawings Nos . 34, 35 and 30,

all of which have been prepared under the direction of engineers of recognized ability
and high professional standing, shows that there is as yet no established system of
design for large compression members . The individual judgment of the engineer is
the determini ;ig factor, and this may prove to be erroneous as it did in the case of the
Quebec bridge .

The lack of precise knowledge on this subject has been discussed in other

appendices .
HENRY HOLGATE,

Chairman .

J. G. G. KERRY,
J. GALBRAITH.
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APPENDIX No. 18 .

A^RITIC©L DISCUSSION OF CERTAIN PARTS OF THE SPECIFI-
' CATIONS.

The Quebec bridge was designed to meet the requiremônts of the specifications
approved by the Dominion' government in 1898 and amended in 1903 . The method

adopted by the company to procure tenders was to issue a general specification and to
call upon contractors to prepare plans in accordance therewith .

Considering all the conditions pertaining to the undertaking the adoption of this
method was not in the best interests of the work. The company was known not to
have the capital necessary to immediately proceed with construction, and the prepara-
tion of complete preliminary plans would involve a large outlay . The evidence and

documents show that the pre:iminary plans submitted with'the tenders were incom-

plete ; this was as might have been expected, as the several contractors who tendered
for the work had little assurance that they would get any return for their expenditure
of time and money .

Specifications as a rule consist of two distinct portions, one of which relates to
design and the other to fabrication, material and_execution In the case of the

----Quebec-bridge;-the -dif8eulty of-preparing-an-adequate-specificationfordesignseas ve?y

great. It would have been better to have entrusted the preparation of the plans and
specifications to engineers independent of any contracting or manufacturing company,
whose previous experience qualified them to handle the work . This course would have
avoided duplication of designs involving expensive plans and would have prevented
the letting of a contract on incomplete plans formed upon erroneous data ; the
engineers would have made a proper and sufficient study of the whole project, and in

due time competitive .tenders upon their plans would have been secured, thus enabling

all contractors to tender on a common basis. The privilege of submittingindependent

plans might have been extended to the bidders . The reason for not following this

course is explained by Mr . Hoare in his evidence.
The procedure as outlined above wonld have been applicable- to an enterprise -

which involved so many new problcros and the application of existing knowiedge on
so large a scale and which demanded the continual exercise of sound judgment .

An error of judgment made by the Quebec Bridge Company was the selecting of
an engineer-who did not possess the necessary special knowlea c and experience to
prepare the specification (see Appendis No . 1) . It is true that this specification was
considered to be only tentative, drawn up for the purpose of procuring preliminary
tenders, but its history and importance cannot be overlooked . (See Appendix No. 6.)

It became the basis of the contracts between the Quebec Bridge Company and its
contractors, was approved by the government engineers, and was an essential part of
the subsidy agreement whereby the Dominion government undertook to pay the
Quebec Bridge Company on certain conditions, one million dollars (Exhibit 12) .

The specification itself (Exhibit No. 21), herein called the 1898 specification,

was for the most part a copy of a specification iss ;:P.d by the Department of Railways

and Canals in 1896 ; there is nothing in its wordius to indicate that the Quebec
bridgé was an exceptional structure and without precedent or that the propriety of
applying to this structure other than the usual clauses in bridge specifications was

carefully considered. -
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We do not think that any engineer would be justified in writing a specification
without consulting freely those specifications most used in practice ; specifications
are in fact the statement of the provisions that engineers have in the past been forced
to make in order to secure satisfactory results, and each succeeding revision is the out-
come of experience. Such compilations are necessary and cannot be dispensed with,
but this fact does not justify an engineer whose special experience has not fitted him
to judge of the importance of vital clauses, in revising and rearranging their : . The
danger in so doing lies in the fact that a clause necessary and useful in one specifica-
tion may not be applicable undor other conditions, and opinions on such matters are
valuable only from men of special qualifications . Errors arising from the compilation
of specifications by experienced men are by no means uncommon. Mr. Cooper
recognizad this and so revised the specifications of 1898 .

In regular bridge practice the specification is of importance particularly because
an American bridge works is a factory for turning out structural steel fabricated in
accordance with plans prepared in the drawing office attached to the works . This
drawing office is a part of the factory, and in it, as throughout, efficiency is obtained
by standardizing and duplication ; the drawing office staff consists of a number of
well trained computers and draughtamen whose duty it is to prepare the shop drawings
for the work and who are under the control and direction of a designing engineer .
Details are designed in accordance with the specifications furnished by the purchaser,
except under circumstances when shop equipment requiressome deviation to be made
to secure facility of manufacture. It is not a part of the duty of the drawing office
staff to question the wisdom of the requirements of the specification, nor could the
progress of work throughout the factory be satisfactorily maintained if it should

"attempt to do so.
Tho evidence shows that the Phoenix Bridge Company followed this usual practice

in the preparation of the Quebec bridge designs.
In 1903 it became necessary to design the main spans of the bridge and the 1898

specification was amended by Mr. Cooper, it having been understood ever since 1900
that it would be amended and altered . The history relating to the adoption of these
amendments is given in Appendices Nos . 3 and 6.

Ms. Cooper did not recognize these amendments as .c„uplete and final, and con-
sidered that he had the power to deal with each problem of design as it arose, and he'
exercised this power when he thought it necessary . The designing of the main span
was left to Mr. Szlapka, Mr. Cooper having approved the specifications and no one
questioned any decision that these engineers made . The work was done under the
immediate direction of Mr, Szlapka .

Beforb discussing the specification, it will be well to contrast some of the main
features of the Quebec bridge with those of other cantilever bridges and the following
table is inserted for this purpose:-
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INFORMATION CONCERNINI x

Name.
Date

O f
Conatrue- Designer.

Contracto r
fo r

Superstructure.
81~an .

Widt h
C, to C.
1l~usses,

Live Lcad pe r
Lin . Foot.

Feet. Feet. Lbs.

Forth . . . . . . . . 1882-1839 Baker .h. Fowler. . . \Vm. r~rrol 1F. Co . . 1,710 Varying, low.
er chard 3 1j

Double track Ry.
pe e210 lbe2

I

at ends to,
..

tra :k .
120 at piers.

Diemhhia . . . . . 1886-1892 Geo . S. lfotrison . Union Bridge Co. .l 790 30 Single track Ry.
4,000 lbs. per

ktrac .

Monongahela . 1902-10031 Boller .t Hodge . . . American Bridge 812 32 Double track Ry .
Co . 4,8V0 lbs. pei

track.

Thebea 1902-1903 Noble k"Modjeski . American Bridge 671 32 Double track Ry. . . . . . .
Co . 5,000 lbs . pe i

track, legs 20 p. c

Blackqell s Is 1901-1908 DePt. Brldge6Now' YennaylVaniaSt.oe1 1.182 60
__lnnd . . . .- . . . 1orl ;City . Co.

Quebec . . . . . . . 1900 PheenixBridge Co. ŸhoenixBridgeCv. 1,800 67

Io8away ana ïrelz
leÿ ord~nar y
$,Otq lbs._~n- . ._-
gested 16,000 lbs.

Doutle track Ry.,
roadway and
trolley 4,000 lbs.
per track. For
extreme condi-
tions mult . 1}.
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GREAT CANTILEVER BRIDGER.

Ultimate
Strength for Steel

Unit 1,0001ba .
Working Stresses- Lbs . per sq . inch.

Compression, 70-33.
Tension, 67•74 .

Compression, 69-7 8 i .
Tension, 86-76.

Compression . 6i0-70 .
Tension, 63-75.

62-72 .

lo; 1 r'-66-

3 1j 6-g8

6

Com p ression, 60=4. 13p
Tenei-on,66+4g)ék- i

el steel e} ebars, 83.
t

Compression, 6070 .
Tension, 62-70.

1 3

* Not official .

4• 3

'6 #

`61

6'60

Max . stresses
, Compression, 17 000 .

Tension . . . . . . .A350

Comliression, 14 ,000 if 1< 1Gd7-deduct 750
lbs . for pach additional unit over 16 ln

1 ; tension for dead load, 20,000 ; tension
â
live load, 10,000 .

Compression dead load, 21,000 where ~ e 10 .

Tension dead load, 22 000 . Take one-half
in each case for live load .

Compression dead load, 21,000 if 16.

Tension, 20,000.
fake j in each case for live load .

Comprersion, ordinary, 20,000- TI ; congest'

ed, 24,000 -100r

ensii,n, ôdinâr3 20,000 ; coq€ated,-24;ti00.
Tension for nickel steel, ordinary, 30,000 ;

congested, 30,000. -

An
.

Compression, ordinary, 12,000 (1+-,
1 Mn .
x

I

extremP, 24,000 ; both for r 60.

1In .
Tension, ordinary, 12,000 (1+ ~Dax.
F.xtreme, 24,000.

14 5

Allow-ed 8hear
on Rivets-

Lbs. per sq . inch.

About 12,000

7,600

10,000

7,600

Ordinary 13,000
Congc~+tecÎ, 16,000

j a-orking stress
=18,O1M) extreme.

164--vb1. i-10
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It is not possible to set forth al l the facts in a table with sufficient minutenes
s to justify the making of complete comparisons,•as many qualifying clauses and special

conditions are necessarily omitted . Three items of interest may be noted in the
table:-

(1) Only the Forth bridge is at all comparable with the Quebec bridge in reg ud
to span.

(2) Only the Blackwell's Island bridge is comparable with the Quebec bridge in
regerd to unit stresses both for main members and for details .

(3) All the bridges included in the table were designed by independent engineei a
exa pt the Quebec bridge .

In this connetion we must express the opinion that it is d0icult for the employees
of a large manufacturing concern to givé the design of a bridge of unique features
the concentrated attention that it requires.

With regard to precedent only the Forth and Blackwell's Island bridges involved
anything like the saine total stresses as the Quebec bridge . The desi,,,i and construc-
tion of the Blackwell's Island bridge was contemporaneous with the Quebec bridge .

The Forth bridge was built on a system not suited to the established American
methods of bridge construction, so that its distinctive features of design, construction
and erection were not followed . It is proper to ëdd that the achievements of the
Forth bridge engineers deserve much closer study than appears to have been given to
them on this continent . Messrs . Baker and Fowler succeeded in erecting a structure
which weighs considerably less per lineal foot than the Quebec bridge and which is
designed to carry about one-half the rolling load and several times the wind load
specified for the Quebec bridge. The main compression chords of the two bridges are
of practically equal area, but the material, in the Forth bridge is of a considerably •
higher ultimate strength than that used in the Quebec bridge, the unit stresses are
less and the design of°the :cross section-of the chords is such that they should be able
tô c r ra ,v a gre$terihit-st es witl -i éafety.-On grea-f ri ges thésé âië factors 6--b-e
observed and it is to be regretted that the stress sheets and full engineering studies in
connection with the Forth bridge have not been published .

It is evident that the designers of the Quebec bridge were compelled to work from
experience gained on much smaller bridges .

In discussing the specification we deal not only with the clauses immediately con-
nected with the downfall, but with others that were not in our judgment calculated
to ensure a safe and satisfactory structure .

The specification is here understood to mean the 1898 specification as amended
in writing by Mr . Cooper.

As a document the specification is unsatisfactory, some of the clauses having been
amended by Mr. Cooper, some set aside in favour of his well known and generally
accepted standard specification and some remaining in force with a context that
altered their meaning. No general or complete revision of the specification embodying
Mr. Cooper's amendments was over compiled. -

As a matter of fact although the 1898 specification- was retained as the official
specification and much of the work done in accordance with it, we believe that 1 ♦ir . --
Cooper depended upon his own inspection of the plans under the reviséd specifications
to secure ratisfactory details. His opinions upon most debâtable questions of design
were well known to the staff of the Phoenix Bridge Company, which had previously
designed and built many structures under his direction and was accustomed to his
methods . It is on record that the Phoenix Bridge Company requested Mr. Cooper to
set aside the 1898 specifications altogether and to substitute for them his own
standard specifications .

A complete bridge specification-must set forth the character of the material that
is tn bë used, the lôadings that -are- to-bë-cërried, the stresses to bé permitted in the
members and provisions concerning details, fabrication and erection to be observed ;
in fact everything esseatial to the proper carrying out of the work as intended .

rt
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--The_1898_Bpecification_for_materialwns used_without alteration e xçoQt in one

particular, Mr. Cooper having raised the minimum limit for the ultimate strength
of eyebar material from 60,000 lbs . to 02,000. - The metal specified was the ordinary

grade of structural steel .
It will be noted by reference to the table that the Quebec bridge specification

,•alled for material of slightly lower ultimate strength than that used in any of the
other bridges while the bridge itself had the longest span of all . The need of a better
material than structural steel for the construction of long span bridges is generally
recognized, because the decrc,ise of total weight and consequently of cost in a large
truss with increase of permisaible unit stress is very rapid . In the Quebec bridge the
dead load stresses constituted roughly two-thirds of the stress on the main members .

The designers of the other two great bridges . introduced special grades of steel

so-that high unit stresses could besafely used . The Forth bridges engineers were
not permitted to load their met91 to more than one-fourth its tensile strength,
and for compression, used a steel of -about 25 per cent stronger than that siipplied for

Qu4ee . Nickel steel with a permissible unit stress 50 per cent higher than allowed
on material in the same bridge and similar to that used at Quebec was introduced
into bridge practice by the 13lackwell's Island bridge engineers . The use of this alloy
as a structural material was investigated and favourably reported upon in 1903 by a

special commission of which Mr . Cooper was a member.
It was Mr . Cooper's opinion that it was wiser to use the ordinary grade of metal

for the Quebec bridge and to load it to the highest working stresses that were con-
sidered practically safe.

gLASTIC LIMIT.

We do not know whether :1ir . Cooper - in his amendments iniér.ded the term

`elastic limit' to mean the elastic limit of a test specimen orof a full sized member . _

iere Is e so some un~erttrintyas to the true mraning of the ter m

which is unfortunate as the maximum working stresses specified are made to depend

upon this characteristic of the material. -
The `elastic limit' accepted by bridge designers as a controlling factor in their

work cannot be determined by the method prescribed by the 1898 specification, and yet
this method (the drop of the beam) was used. Both Mr. Cooper in his standard speci-

fications and the engineers for the Blackwell's Island bridge provide for a much

closer determination of this characteristic . In reaiity the determination is a delicate

and time consuming process for a research laborato ry and impossible under the condi-

tions existing in a rolling-mill ; to such an extent is this true that it is not called for
in the carefully prepared specification issued by the American Railway Engineering
and Maintenance of Way Association in 1906. The principle apparently followed in

the latter specifieation is that mill tests are sufficient for mill purposes and that the
trne_elastic limit can be most safely obtained by proportion f rom the ultimate

strength. The assumption generally .made is that the true elastic limit for structural

steel is about 50 per cent of the ultimate strength .

The material actually supplied for the bridge was regularly tested and a com-

parison between its p robable elastic limit and the 32,000 lbs . per sq . in . apparently

expected by Mr. Cooper, is possible. The full size eyebar tests, a record of which

will be found in E, hibit 86, show that the metal in service shape had a safe ultimate

atrength not in excess of 56,000 lbs . per sq . in . and a reported elastic limit of 28,000

lbs. per sq. in. These tests were made on long bars in the Phoenix Iron Compans's

large testing machine and the results might be reduced by calibration of the machine

and closer observation of the elastic limit . It will be noticed that the proposed

extreme working stresses ( 24,000 lbs . per sq. in for the Quebec bridge w ere nearly

equal to the elastic -limit of the eyebars .
The elastio limit in compression was assumed in accordance with the usual

practice to be the same as that in tension. An examination - of the voluminous test

.164-vol . i-101
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records (Ex. No. 28) shows that an ultim ate strength in excess of 60,000 lbs. per sq .

- iiiï ~vns net regù ar y sèëùréd; s~ -thât,~ ôôSaceeptin gth per cent rélâtiôn m~► tioned
above, the elastic limit in compression becomes 30,0Q0 lbs . per sq . in. It should be
noted that these tests were made on specimens of about one-half of one sq . in.
sectional areas: The compression members were built up of wide thin plates riveted
together into webs. We know of no test that has ever been made to establish the
relation between the strength and elastic limit of such plates and those of small test
specimens, nor do we know what effect the punching, riveting and painting have on
the material in the webs as compared with the solid plate . It was noted at the wreck
that the paint between the plates of members that had been fabricated for over three
years was still fluid . From the analysis of full-sized tension tests we think it possible
that the elastic limit of the plates in the compression members was not much above
27,000 lbs , per sq. in . instead of 32,000 lbs . as apparently assumed .

UNIT STRESSES .

The maximum unit stresses that Mr. Cooper proposed to use were about 21,000
lbs. per sq . in . under ordinary loading and 24,000 lbs . per sq . in . under extreme con-
ditions. He considered that the extreme conditions as specified would never occur .

By reference to the table it will be seen that the specified stresses for the Quebec
bridge under working conditions are in advance of currnt practice and we believe
that théy are without precedent in the history of bridge engineering. Under extreme
conditions the Quebec bridge stresses are in general harmony with those permitted in
the Blackwell's Island bridge.

-We have already indicated that the dimensions of the Quebec bridge were such
that the use of the highest safe unit stresses was justifiable and good engineering
practice. If we were sure that the loads were ëorreçtly_estimated,_that-the stresses
aëféd in the bridge exac~~r~ttccQrdanc~with theassumptions and-that tha-elastia--
limit of the built-up members was not less than 32,000 lbs. per sq. in, 24,000 The.
per sq . in would not be an unsafe stress for structural steel, provided that the material
is regular in quality and the details satisfactorily worked out to suit such a stress .

Mr . Cooper provided for the effect of live load by the use of the so-called fatigue o r
min

formula. This method which was formerly much used has more recently beenmax
abandoned in general practice and is not adopted by Mr. Cooper in his standard
specifications. In the hands of an experienced engineer this method will be made to
produce much the same results as the more modern impact formulas . We do not
know why this formula was used in this case, except that it was adopted by Mr . Hoare
in 1898 from the 1896 specifications of the Department of Railways and Canals and
was probably retained in 1903 for convenience .

Mr. Cooper adopted the ordinary straight line formula for compression members

making the dead load unit stress equal to (24,000 -100 ~- ) lbs. per sq. in . We have

already indicated in Appendix No. 13 that this formula is purely empirical and does
not agree particularly well with the recorded tests upon large columns . It is the most
generally accepted formula of practice, but we do not believe that the engineering pro-
fession has at present a satisfactory knowledge of the action of large steel columns .

There is a wide field for experiment which must be worked over before engineers
can claim to have a sufficient knowledge of steel to design both safely and economically,
and perhaps the most serious criticism of the structural engineers of the present day
is that they have pennitted this field to remain undeveloped for twenty-five years' dur-
during which time they have adopted a new metal for their work and new shapes and
sections .

We think that in popular engineering opinion the ultimate strength of steel
columns is largely over-estimated, the diagram on drawing No . 20 indicating that for
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the Quebec chords it was not safe to expect an ultimate strength in excess of 32,000
lbs . per sq. in, so that under th e extreme conditions specified the'margin of safety
wôuld only hâvë béeri ône=lhira .

This is a point on which current engineering practice is open to direct criticism .
The older engineers, upon the results of whose experiments the profession is now
depending, did not think of loading metal in compression to the unit stress used in
tension because they recognized that the ultimate unit strength of members in com-
pression was far less than that of members in tension .

The later school of engineers seems to have adopted the principle that the action
of bridge members under stresses in excess of the elastic limit is a matter of indiffer-
ence as they will never Le so stre-sed . The action within the elastic limit being practi-
cally the same under both conditions, they adopt the same working stresses in tension
and in compression . Their practice has been attended with complete success, but this
may be attribüted to the fact that the material has ordinarily not been stressed to much
above half the elastic limit .

Under the Quebec bridge conditions, where high working stresses were imperative,
the wisdom of the practice of loading in compression as heavily as in tension becomes
questionable. We believe that in no great public structure should stresses be permitted
in excess of one-half of the ultimate strength of any compression member, no matter
how high the elastic limit may be.

It will be noted that Mr. Cooper in specifying the stresses for the lower chords of

the Quebec bridge omitted the term in the column formula containing the rati o

In this practice he is supported by the engineers of the Monongahela and Thebes
bridges, who made a similar provision, but reduced the maximum stress to that allowed

by the usual formula for a column with I equal about 40 .
r

- -The-failur4 of-the Quebec-chords-does-not prove-that-11ir .-Coopezwne_iheoretically_--__
incorrect and cannot be directly connected with this clause in the specificntion . The
specification, however, permitted stresses in advance of any previous practice and the
proportioning of columns to safely carry such stresses is yet to be learned .

We have already pointed out the seriousness of the error made in the estimation
of the dead load which resulted in computed stresses nearly 10 per cent higher (sec
E,ridence) than had been expected . A compnrison of these computed stresses with the
elastic limit of the material as estimated from the test records will show how narrow
a margin of safety was provided in the actual design .

We are not prepared in the present status of the art of bridge.-building to approve
the unit stresses stated in the amended specification .

RIVET STRESSES .

It will be noted from the table that the rivet stresses used were much in excess

of previous practice . These seem to have been adopted almost by an oversight . The

1898 specifieation_contained a clause usual in low stress specifications, permitting the
rivets to be worked to three quarters of the allowed stress in the member . This clause
was not cancelled by the 1903 amendments and under extreme conditions permitted a
stress in rivet shear of 18,000 lbs . per sq . in . The tests made in 1904 under the
direction of the American Railway Enginf~ering and Maintenance of Way Association
have established the fact that a riveted connection begins to work under a stress in
rivet shear betweeen 12,000 and 1 6 ,000 lbs . per sq. in . and that deformation in even a

simple connection is marked when a stress of 26,000 lbs. per sq. in, is reached. These
results have been confirmed both in tension and compression by the teste made for the

commissioners (see Appendix No. 16) . It is therefore olearthattheQuebcc specifica-
permitted the use of stresses in details which were outside the limits of establishedtion



150 ROYAL COMMISSION ON COLLAPSE OF QUEBEC BRIDGE

7-8 EDWARD VII., A . 1 908

practice and are now know to be unsafe . Knowledge of the action of the rivets i n

rivetcd connectionâ is very incomplete.

BUILT UP COLUMNS.

In our findings we have stated that the bridge failed through weakness of the
lower chords and particularly in the latticing of those chords. In Appendix No. 1 6
will be found a discussion of lattice design and of the data that Mr. Szlapka had to
guide him in his work. The main outline of the latticing in the Quebec bridge was
aketched as early as 1898. There was practically nothing in the specific,ation that was
of any service to the designers in this connection and they violated none of its
provisions in the design. There are some clauses dealinR with latticing, but they
were copied from small bridge practice and were .wholly inadequate for the Quebec
structure. The main criticism that can be made of the designers was that they had
the me9ns of cbecking their theories by use of the testing machine and that they did
not do this nor did they thoroughly study the possibilities of lattice formulas .

LOA DIr OS.

In 1903 Mr. Cooper revised the loadings, increasing the specified train loads and
decreasing the wind pressures . While Air. Cooper undoubtedly made an improvement
on the 1898 specification in this respect, he does not seem to have taken full advantage
of the improved financial situation due to the decision of the government to guarantee
the Quebec Bridge Company's securities. This is explained by Mr. Cooper jn his
cvidrnco in which there is no reference to the changed financial condi-
tions . (See Appendix No. 5.) Mr. Cooper apparently did not realize the great
change in the traffic conditions that would probably follow the opening of th e

_National Trancontinental Railway nor the demands for transportation resulting from
the rapid development of Canada. His specified train loading is not greater than

--thnt rr,~+t reaulnr'~in t'anaiinn'nrnctice-nnd-is-lighter than that-subsequently-adopted--
for the National Transcontinental Railway, and sufficient provisiôn was not made for
probable increases of live load.

Considering together the high unit stresses permitted and the loads e.pecified, the
specification was not for a bridge well suited to the purposes it would have '-wn called
upon to serve.

DEAD LOAD .

The specification requires that the dead load used for calculating the stresses shall
not be less than the actual weight of the structure when completed . The evidence
hhows that the designers failed to comply with this requirement . The effect of their
error is shown on drawing No. 4 (see also exhibits 98, 100 and 101) . In view of the
high unit stresses epecified this error was serious enough to have required the con-
demnation of the bridge even if it had not failed from errors in, the design of the
compression chords.

The obvious intention of the clause was to compel the designers to ch .~ek their
assumed dead loads by actual calculations from their detailed drawings as soon as these
were developed, and it carried with it an obligation on the consulting engineer not to
approve any drawings until he was satisfied that the assumed weights were ample.
It is not customary in practice to be exacting about the observation of this clause
because the weight of an ordinary span for a given loading can be very closely ecti-
mated ; but no excuse can be offered for applying the 7reoendenta of practice to a
structure that was entirely outside the range,of experience . No e^idence has been
given to show that any effort was made either in the I hoenix Bridge Company's office
or by the consulting engineer to check the assumed weights at the earliest possible
datè and the errroï-was passed without notice until a large portion of the bridge had
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been actually built in the shops and the members weighed . It is in evidence, and we
have already stated, that the scale weights were within 1 per cent of the iveights as
finally computed from the drawings. The consequences of this error were considere d

---
by Mr. Szlapka and Mr. Cooper béfëré erection was résnméd- in-1909nnc-thcy~at é
that it was their opinion that the error was not fatal to the safety of the briuge, and
the work of erection was procpeded with . '

$REQTION.

No apecial provision is made in the specification for an oversight of the methods
of erection by the Quebec Bridge and Railway Company's engineer, or for his approval
of the general system of erection, or of the means adopted to solve the various pro-
blems arising in connection with it . There is no evidence to show that anyone outside
the Phoenix Bridge Company attempted to deal with this practical problem . Mr.

Cooper states that the erection plans and devices were not subject to his
.
approval

although he was advised of them unofficially and general progress on erection was
regularly reported to him .

It was apparently intended, as is the usual practice, to leave all such arrange-
ments in the hands of the contractor, making him provide all necessary plant and
holding him responsible for everything that might happen.

The erection staff of- a large construction company is beat qualified by experience
to design erection plant . We are of opinion, however, that the erection difficulties to
be met with on a structure like the Quebec bridge are so serious and the necessary
risks to be run during erection are so great that if the employment of a bridge
engineer is necessary at all, it is çspecially necessary in this connection . In fact the
responsible engineer on such a project should direct the work in all its branches and
the contractor is entitled to look to him as a trained specialist for instructions and
assistance at all times and especially in emergencies .

The specification throughout shows that the whole subject was not considered

wit_h__suffcient care pot only from a technical standpoint but from the practical or

business standpoint as well . Inconsistencies âré ô~~requen ôccurrrncé; âmbignit

ÿ and lack of precise definition ptr:adc the whole, and we desire to direct particula r

attention in this connection to the important clauses 4, 5, 6, which read as follows :-

(4) After the stress sheets have been approved and before the construction of any
part of the structure shall be proceeded with, complete working drawings shall be
furnished, showing all details of construction, which shall conform to the general
design, shapes and dimensions shown on the stress sheets and to the conditions of this

specification . The drawings shall be approved by the engineer before the work of
construction is proceeded with .

DRAWINGS.

(5) After the final detail drawings referred to have been approved by the

engineer, the contractor is to prepare his shop drawings from the detail drawings,

complying carefully therewith, and making no changes without the written consent of

the engineer . Working drawings are to be sent in triplicate for the approval of the

engineer, who wi etatn two sets and return the third after making thereon any

corrections required, ter which the required number of corrected sets will be sent

by the contractor to the engineer without delay. The approval of the said working

drawings will not relieve the contractor from the responsibility of any errors thereon .

(6) The requisite number of copies of general and detail drawings for all pur-
poses shall be furnished by the contractor upon orders of the engineer .

HENRY HOLOATE, .
Chairman .

J . O. G. KERRY,
J. GALBRAITH.
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APPENDIX No. 19 .

MISCELLANEOUS-QUEBEC BRIDGE INQUIRY.

WEATHER CONDITIONS .

The temperature3and wind velocities for some weeks preceding the accidcnt are
shown on drawing No . 37 . It will be noted thnt there were no excephônnl conditior.s
in either case, both temperature and wind being moderate and usual . The wind
blowing at the time of the aecident was so light that wind pressure has not been
included in calculating the stresses existing at that time. The drawing shows a wind
velocity late in the day on August 29, of about 25 miles per hour, which would theoreti-
cally produce the almost negligible pressure of about 2 lb•r . rer sq. ft ., on the truss

surface exposed. Thc An-m of the truss is such that a corrt:--t analysis of the wind
forces is most difficult to make and it was considered that less error would result from
the neglecting of these forces than from an effort to determine them accurately .

A list• of the maximum wind velocity recorded at the Quebec observatory is given
on drawing No . 37. This list indicates that the pressure of 25 tbs . per sq . ft. assumed
in the 1898 specifications was sufficient for the site, a wind velocity of nearly 90 miles
per hour being necessary to produce such a pressure .

The following record of deflections, which is filed as Exhibit No . 55 is of interest
as furnishing data for predicting the movements of cantilever arms under wind. -

OBSERVATIONS ON THE DEFLECTION OF THE CANTILLVER ABài UNDER IIEAVY WINDS .

November 12, 1906 .-Front leg of large traveller at P-1 . Panel 2 of cantilever
arm partly erected . East wind 55 miles an hour . Deflection taken on middle of first
transverse strut above deck between posts P-1 .

Deflection observed-2} inches.
November 16, 1906 .-Front leg of large traveller at P-1. Panel 2 of cantilever

ann almost completed. -East wind, 65 miles an hour. Deflection taken at same point .
Deflection observed-31 inches .
February 3, 1907 .-Front leg of large traveller at T O cantilever arm erected

complete. West win4, 45 miles an hour. Deflection taken at same point .
Deflection observed-2 inches .

HENRY IIOLOATE,
Chairman .

(L-T~IIIiY-,-
J. GALBRAITH .
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DESIGN OF QUEBEC BRIDGE.
By C. C . SCIINEiI/ER .

PENN$YLYAN41 BUILmU,

YIiILADELPIiIA, PA ., January, 1908.

Sln,-By telegram of September 9, the writer was appointed by you, on behalf of

the Dominion government, with the approval of the Honourable the Minister of Rail-

ways and Canals, for the following purposes :-
`To inquire into and pass upon the sufficiency of the present design of the Quebec

bridge, which collapsed on the 29th of August, 1907 ; to thoroughly examine the

plans of the superstructure and members thereof, &c . ; to look thoroughly into all
matters in connection witth the proposed reconstruction of the said bridge, and to
state whether, in his opinion, the present design is sufficient.'

After receiving your verbal instructions, the writer visited the site of the Quebec
bridge in order to examine the collapsed structure ; and immediately commenced to

-collect such information as-might-aid him in-his work, and proëeeded with the exam-
ination of the plans, which he received from your department, September 17, 1907 .

Not being limited in the scope of his investigations, he understands his duty to
be to report on the following questions:- -

First .-Tbe sufficiency of the present plans of the Quebec bridge, as to their

conformity to the specificâtions as approved by the government .

Second.-The advisability of modifications in the present plans, should they be
found inadequate, using as far as practicable the fabricated material now on band .

Third.-The advisability of discarding the present plans of the Quebec bridge ,

and recommendations as to a new design. °
The writer has thoroughly investigated the subject submitted to him, and now

has the honour to submit the following report :-

Tlle_present design of the Quebec bridge is a cantilever of 1,800-feet span

between centres of piers, with a auspon span , ntilever-arms- each

ô62 feet 6 inches long, and two anchor arms each 500 feet long ; making a total

length of 2,800 feet, not including the approach spans, which will not be considered .

in this report. . The transverse distance between centres of trusses is 67 feet. The

bridge is to carry two steam railway tracks and a roadway on each side 17 feet wide

in the clear, suitable for ordinary highway traffic, with one electric railway track on

each roadway.
The writer has computed the strains resulting from the loada given in the specifi-

cations as revised by Mr
. Theodore Cooper, Marcl• 2, 1504, a copy of which is attached

to this report in Appendix A .
In comparing the results of his computations with the strain diagrams submitted

by the Phoenix Bridge Company, he has come to the following conclusions :-
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Floor system.-The sections required in the floor-beams and stringers conform to
those required by the specifications .

Trusses .-The strains in the trusses resulting from the live load agree with those
computed by the writer. The strains from the dead load as computed by the writer,
however, are greater than those shown on the diagram submitted by the Phoenix
Bridge Company, for the reason that the actual weight of the steel superstructure
is in excess of that estimated previous to its construction.

Bracing .-The strains and sections of the various members composing the lateral
and sway bracing of the trusses and the bracing of .the floor system as well as their
details and connections are in accordance with the requirements of the specifications.

Appendix B accompanying this report gives the writer's computations of the
strain ; in the main members of the trusses . The strains resulti .ig from the dead
load are based on tlm actual weight of the structure taken from the ahipping weights
of the steel work nnd distributed in accordance with the positions-of thevarious
members, thus repri-senting the conditions which would exist in the, finished structure.
These loads as concentrated on the various panel points of the trusses are shown o n

! diagram included in Appendix B . The table also contains the sectional areas of the
members as shown in the shop drawings, the unit strains required by the specifica-
tions and the unit strains as they would occur in the comp'etsd structure, based on
the actual weight of the members ; also strains occurring duiing erection under con-
ditions existing August 29, 1907.

The tables in Appendix B have been computed in accordance with the writer's
interpretations of the specifications, which are :

That the N"iiltie of
Max.

by which the permissible unit strains are determined
min .

is derived from the dead and live loads only ; but that in proportioning the .members
these unit strains shall be used for the sum of the strains from dead, live and snow
loads.

That as the specifications require that 'only j of the maximum wind force need
be considered in proportioning the chords,' and nothing is mentioned in reference to
the web system, this also applies to wind straii s in web members .

That in the formula: under the head of `Combined and reversed strains,' Li
denotes the live load strain of opposite sign from that of the dead load ; that the
expression 'D-Li' is the arithmetical difference between these strains ; and that
'D + L+ Li' is the arithmetical sum of these strains.

By examination of this table, it will be noticed that the actual unit strains in
most, of the members of the trusses exceed the limits of the specifications . In the
upper chords of the cantilever arm (excepting in the panels from U2 to Us, which
were proportioned for the erection strains), from 10 to 18 per cent ; and in the lower
chords (with the exception of the panels from Lo to Lr, which were also proportioned
for the erection strains), from 7•5 to 24 pet .cent . In the upper and lower chords of
the anchor arms, the unit strains in all panels exceed these limits from 11 to 20 per
cent . The unit strains in the chords of the suspended span also exceed the limits of

= the tiena the upper chords 16 to 18 per cent ; the lower chords from 7 1 to
97} per cent . While the strains in some web members come within the limits, in some
rases they are in excess as much as 21 per cent, and in one case 57 per cent. The

3 trusses, therefore, as designed, do not conform in this resl,9ot to the requirements of
the specifications approved by the government .

However, there are other points affecting the strength of the structure, not
covered by the requirements of the specifications, to which the writer begs . to call your
attention . . These refer more particularly to certain details which appear to have
been left to the judgment of the designer.

The writer considers the . details the most important parts of the design of a
permsnent structure, even more so than the general proportions of its members .
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Most of the details and connections have received careful and conscientious considera-
tion, and are generally in proportion to the members which they connect and in
accordance with the: standards of good practice . Iiowever, there is a defioiency in
many of the comprESeion members, as their connections-such as the latticing-are
not sufficient to Innk, the parts composing them act as a unit . The most pronounced .

defect in this respect e.-ists in the lower chord members of the canti,uver and anchor

nrms. These members c-)nsist of four separate ribs, not particularly well developed
as compression members, and their connections to each other are not of sufficient
stirength to make them act as a unit . .

As discussions on this subject have of late appeared in print, asserting that a
scientific method of proportioning the latticing of compkssion members is not known,
the writer takes exception to these statements, and claims that the strains in lattice
bars can be computed with enough accuracy to make them sufficient to develop the
full strength of the member .

A discussion on the theory and strength of compression members, including an
analysis of the strains in lattice bars, will be found in Appendix C accompanying this

report .

DISCUSSION OF PERMISSn3LE UNIT STRAINS .

As the present design of the trusses of the Quebec bridge does not conform in
all respects to the requirements of the approved specifications, the queczion arises :

Are the trusses as designed strong enough to carry the specified loads without ~.~nsider-

ing the speeifications ?
In order to decide that question it is necessary to consider the maximum unit

strains which might be permitted in the members of the trusses as coming within the

limits of safety . If we knew all the strains occurring in a member of a structure,
and if the material and workmanship were perfect, we could allow strains up to the
true elastic limit of thé material . These ideal conditions of material and workman-
ship, however, cannot be realized in practice, and in iddition to the computed direct
strains on which the proportions of the, members are based, there are secondary strains
produced by the bending from their cwn weight and deformation of the trusses under

load . Allowance must, therefore, be maû^ for these contingenciea in determining on
unit strains which may be considered within the limits of safety .

The specifications provide for two ki~ ► ds of live loads for the trusses :-

First . A live load consisting of a train on each track . The strains produced by
this load, together with the dead load and specified snow load, are limited to a certain
unit strain per square inch.

Second . A provision for future increase of 50 per cent in the live load . For the

strains produced by this extreme,live load, together with the dead and specified snow
loads combined with the wind force, a higher unit strain is specified .

The first case will be called hereafter the working load, and the second case the

extreme load. The strains produced by the working load, which is by no means
excessive, shouldleave_a renaonable margin for safety . The strains produced by the

extreme loads should remain within the elastic l'imit ef the inatërial . -

Te-nslôn~i em ers : -

Eyebars.-Tho elastic limit in full-sized annealed eyebirs cannot be depended upon

to be more than 28,000 pounds per square inch . A direct .tension of 24,000 pounds

per square inch, together with secondary strains caused by the friction on the pins
during deformation, and the uncertai~Ity of a uniform distribution of the strains over

all the bars, may increase W c st-ain to at least 27,000 pounds per square inch, which is

just within the elastic hmit, with practically no margin for safety.

A train of 21,000 pounds per square inch in 'direct tension combined with the

secondary strains, dç ., may produce an , extreme fibre strain of about ' 24,000 ' pounds
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per square inch, or % of the elastic limit of the eyebars . The unit strains to be
allowed on eyebars for direct tension, therefore, should not exceed 24,000 pounds per
square inch for the extreme load .
Compression Members:-

In accordance with the accepted theory of compression members, the fibre strain
near the center of a column increases in proportion of the length to the least radius
of gyration, and, therefore, an allowance must be made for the buckling caused by
the tendency to bend .

The usual practice in bridges of ordinary span is to consider the gross section of
the compression members in computing their strength . This is generally done in
connection with the conservative unit strains of about half of the elastic limit, thus
giving a considerable margin for safety ; but in the case of the Quebec bridge, where
the unit strains are unusually high, approaching the, elastic limit, the net areas of the
members should be used in estimating the safe limit . Some of the compression mem-
bers consist of aections which are composed of angles and a number of plates riveted
together . The rivet holes reduce the sectional area, and, while these holes are filled up
with rivets, they do not fill the holes so perfectly as to make them take the place of
the material punched out of the rivet holes . In some of the lower chord members,
the net section is about 86 per cent of the gross section, and the elastic limit, which is
estimated to be 32,000 pounds per square inch, is thereby reducrl to about 27,500
pounds per square inch of gross area . If we, therefore, assume the maximum permis-
sible unit strain on the gross section for the specified ext*e*n,, loading as 24,000 polmds
per square inch, and the secondary strains as only 3,000 pounds per square inch, or
approximately 121 per cent of the direct strain, the total fibre strain per square inch
would be 24,000+3,000=27,000 povnds. This strain nearly reaches the elastic limit
of 27,500 pounds per square inch with scarcely any margin for safety .

The maximum permissible strain of 24,000 pounds per square inch for the direct
compression caused by the extreme load would have to be reduced in accordance with
the accepted formule for compression members, making it 24,000-100 1/r ; where
1=length, and r=least radius of gyration of member.

For the working load there should be the same margin for safety as in tension
members. As stated before, the elastic limit in compression members, owing to the
reduction of their sections by the rivet holes, may be reduced to 27,500 .pounds per
square inch of gross section . Deducting 3,000 pounds per square inch for secondary
strains would leave 24,500 pounds per square inch in the gross section as the maxi-
mum strain in direct compression within the elastic limit . Allowing % of this strain
the same as for tension members, we have 21,000 pounds per square inch as permis-
sible strain for direct compression, which should be reduced by the usual formulee,
making it 21,000 - 90 1/,. Thes,3limiting strains should be applied to all compression
members . The writer does not advocate these high unit strains, but only desires to
fix a limit within which the strains may be considered safe, and which could be used
in comparison with the tables in Appendix B.

The extreme unit strains within which in the writer's judr,inent the structure
may be considered to be able to sustain the loads provided fo : in the specifications

are :
irst: For-tlte-dead-antl-live-loada-combined-with the fno w load : For tensio

21,000 pounds per square inch of net section ; for compression, 21,000 - 90 1/r per
square inch of gross, section .

Second. For the extreme provision of 14 times the live load, dead and snow loads,
combined with } of the wind strains : For tension, 24,000 pounds per square inch of
net section ; for compression, 24,000-100 1/, Per square inch of gross section .

The table included in Appendix B gives these unit strains for different ratios

of 1/r•
By applying the above unit strains to the trusses of the cantil9ver and anchor

arms in the present design of the Quebec bridge, we find the following diserepancies :
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CANTIj.EVER AND ANCHOR Mills .

Upper Chords.

The upper chords are composed of eyebars for which the maximum permissible
strain as stated above should not exceed 21,0) pounds per square inch for the work-
ing load, and 24,000 pounds per squc._a inch for the extreme load .

The tables in Appendix B show that the strains in all panels, excepting those
from U2 to Us of the cantilever arm, are in excess of these limita for either case of

loading .
Lower Chords .

The lower chord in itself is not pin-connected, but is composed of anumb©r o
f -sections butting against each other and connected with splice plates. If the lower

chords of the cantilever and anchor arms were strictly pin-connected, that is, bearing
against the pin only, the strains would act in the axis of the member without any
other bending movements from the dead load than those caused by the friction of the
pin in the pin hole, as they would be able to rotate around the pins and thus adjust
themselves during erection .

If the lower chords were continuous members and fully spliced, and the web
members rigidly connected to them similar to those of the Firth of Forth bridge or
the suspended span, the strains produced by the deformation would become an impor-
tant factor, but could be approximately calculated and provided for in the sections .

Since, however, the lower chord members of the Quebec bridge are butt-jointed, they
are neither continuous nor pin-connected, and it is impossible to make the whole
section bear uniformly under the various conditions of loading.

With accurate workmanship and proper method of erection, the joints of the
chord members may come to a full and even bearing for one condition of loading, and
in this condition the strains would be transmitted from one section to another in
the direction of their axis and distributed over their entire cross-section . For all

other conditions of loading, the strains are transmitted eccentrically, thus producing
secondary strains in addition to the direct strains and those produced by the initial

eccentricity inherent in all compression members. These secondary strains will be

found in Appendix D accompanying this report .
By comparing the strains in the tables in Appendix B with the limits fixed by the

writer, we find that all the lower chord members are deficient (with the exception of
Lo to Ll of the cantilever arm) and would not be strong enough to safely carry the
specified loads provided for in the specifications, even if they had been properly braced
with lattice bars of sufficient strength ; and that the inadequate latticing shown on

the drawings would still further reduce their ' cength .

Web System:-
The web system of the trusses of the cantilever and anchor arms is comp,)sed

of tension and compression members . The main posts are pin-connected to the upper
and lower chords, while the web members among themselves are only partly pin-

connected ; that is, the diagonals, with the exception of the one nearest the center

Ipost, are eyebars and pin-connected at both ends .
Some of the sub-diagonals and floor-beam suspenders are compression and others

tension members . The connections of the sub-diagonals are riveted at both ends . The

floor-beam suspenders are pin-connected to the lower chord, but have riveted connec-
tions at their intersections with the main diagonals and sub-diagonals .

From the tables in Appendix B it is evident that the atrains in the posts of ths
cantilever and anchor arms are excessive (with the exception of Ls-Us), also in about

one-half of the diagonals. The strains in the center posts are also excessive . The

strains in the floor-beam suspenders, and in the sub-diagonals come practically within

the safe limita .
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Suspended Span :-

The trusses of the suspended span are practically riveted structures with the
chords fully spliced and the web members rigidly connected, excepting the main or
tension diagon als, which consist of eyebars pin-connected at their ends .

The weakest parts of the suspended span are the upper chords (see Appendix B),
their unit strains being from 44 to 48 per cent in ex cess of the safe limits fixed by
the writer. The strains in the lower chords and web members, excepting Uo•Ci and
Ci-L2, are practically within those limits .

SuJjiciency of Specifications :-

In-considering--the-sufficioncy of-the- specifications, -the-ryuestion arises : Pottld
the trusses of the Quebec bridge have been safe if they had been designed to comply
with the requirements of the specifications and the details had been in proportion to
the strength of the membera ?

By referring to the tables in Appendix B, we find that the permissible unit strains
limited by the specifications for the two kinds of loading, that is, the working load and
the extreme load, are close to, or within the limits of those determined by the writer
in all members of the trusses of the cantilever and anchor arms, except in the lower
chords and in the posts over piers, for which- strains are permitted beyond these
limits. - -

In connection with this subject, the writer believes it to be within the scope of
his investigations to report upon the specifications for the Quebec bridge .

The purpose of these spécifications has evidently been to keep all the strains,
even for the extreme loading, well within the elastic limit of the material . That this
has not been realized in all the members of the structure is evident from a study of
the tables in Appendix B . The writer has already given his reasons for recommending
limiting unit strains, and has shown that the specifications permit -too high unit
strains for the posts over the piers and for the lower chord of the cantilever and
anchor arms . The writer also considers the use of a formula for the permissible
strains based on the minimum and maximum strains in each member, as given in the
specifications of the Quebec bridge, to be unsuitable for practical purposes, as it is
not supported by facts established by recent experiments, and causes unnecessary
complications in the computation of the strength of the members ; giving besides
anomalous results.

The well-established theory of the elastic line is based on strains within the
elastic limit. As a single strain above the elastic limit proâuces a permanent set and
destroys the property of uniform elongation in the metal, its effect is not different
from the effect of repeated strains, the single strain having practically destroyed the
usefulness of the material . The elastic limit, therefore, is actually the ultimate
strength for all practical purposes .

The static effect of a live load is the same as that of a dead load, depending upon
the amount and distribution of the load only. The dynamic effect of a live load,
commoaly called impact, however, depends upon the conditions under which the live
load is applied . Thé conditions which affect the impact on a railway bridge are the
:!ondiït ~ns t e trac k, the dynamic action produce bby--fhe- Iceii` n~o the bridgé,
the action of insufficiently balanced drivers, the reciprocal motion and vibration of
the machinery and the velocity of the train. -

As the static and dynamic effects of a live load depend each upon such entirely
different conditions, it seems rational to consider each separately in order to arrive
at a more scientific solution of the problem of determining the safe working strains
in railway bridges. As the internal strain of a member in a structure is prope- ;ional
tn its elongation or reduction in length, it is evident that it makes no difference, as
far as the resistance of the material is concerned, whether this strain is prodiiced by
the weight of the structure, by the static effect of a superimposed load, or by the
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dynamic effect of a moving load . If, therefore, the impact is added to the live load,
reducing its effect to that of a static load, a uniform permissible strain may be used,
thus avoiding complications and making the strength of the details and connections
in proportion to that of the main members, as the impact applies to all parts .

RECOMMENDATIONS AS TO THE RECONSTRUCTION OI' TIIE QUEDEC BRIDOE .

As it is evident from the writer's investigations that the trusses of the present
design are not of sufficient strength to carry the loads provided for in the specifica-
tions, the question arises : .

Can the fabricated members of the remaining half of the Quebec bridge, or a
portion thereof, be utilized in . the reconstruction of the bridge I

This -mfight lse -accanlplished in two different ways :
First .-By using the remaining portion of the floor system and reinforcing the

remaining members of the trusses; rebuilding only that portion which has been
wrecaed .

The members compqsing the floor system and the lateral bracing of the remain-
ing hrilf of the bridge might be utilized• in the reconstructed bridge. However, to
make the bridge strong enough to carry the specified loads with a reasonablo margin
of safety; the sections of most oP the members of the trusses would have to be
increased . An examination of the detail plans of the members of the trusses-frôul
the standpoint of a manufacturer of structural steel work has convinced the writer
that this is impracticable .

The weakest parts of the trusses of the anchor and cantilever arms are the lower
chord membeis . Th•eir sentional areas would have to be increased at least 50 per tent
in order to rec.luee the unit straine to safe limits. The only way this could be done
would be to cut them apart, drill I dditional rivet holes and rivet them up again with
additional material . During these various manipulations the members would become
distorted, and would require the reboring of the pin holes to larger size, and the
refacing of the ends . This refacing would shorten the members enough to make them
useless. The use of the remaining chord members is, therefore, impracticable. The
same applies to most of the other compression members.

The upper chords of the cantilever and anchor arms being composed entirely of
eyebars could be reinforced with additional bars, which Rould requilr, in some panels
as much as 20 per cent additional material . This operation would not only require
new pins, but also the changing of the upper ends of the posts to which they are
attached . The writer, therefore, considers it impracticable to use any of the finished
truss members of the remaining half of the bridge .

Second.-By usini; the present floor system and building new trusses, following
the same outlines as in the present design, but proportioning the members and connec-
tions for the loads provided for in the specifications .

If the remaining portion of the floor system and bracing, weighing about
8,000,000 pounds, were to be used in the new structure, it would require for the
trusses a design similar to the present one, and also, the sanie Aistance between the
posts to which the floorbeams are attached . This is almost an impossible task, and
ftiriher-asin_tlle-writers--0pininnshe_prQaentsl esirm of the trusses can be improved
upon, the new design should be worked out on entirely different lines to avoid many
of the complications and objectimable features existing in the present design .

A third proposition is to adopt an entirely new design, retaining only the length
of span in orde-r to use the present main piers, with some modifications . The anchor-
age piers would have to be partially rebuilt as new anchorages would be required . .

Referring to the featilres which appear to be objectionable in the present design,
the writer begs to call you attention to the following :-

The polygonal lower chords of the cantilever and anchor arms are not well adapted
for a cantilever bridge on account of the difficulties in fabrication and proper fitting,
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which make them not only more costly than chords forming a straight line, but also

less safe. The polygonal chords of the present design produce a reversal of strains
in some web members, which . on that account require not only more material than
members with strains in one direction only, but also cause unnecessary complications
in their details and connections .

The wind forces in a rationally dèsigned bridge should produce strains in the
chords, the lateral and sway bracing only . Oh account of the shape of the chords of

the Quebec. Bridge, the wind strains affect also the web members of the trusses, pro-
ducing in these members additional strains, consequently requiring in these members
more material and more complicated details. -

The writer considers that in a rationally Or, igned structure the strains should be
carried in the most direct line to the piers. The more complicated the design and the
oftener the strains have to change their direction before reaching their destination,
the more assumptions have to be made, which again reduce the degree of accuracy of
the results of the computations ; therefore, the simpler the design, the safer it will

be with the same unit strains.

CeN CLUSIONB .

The results of the writer's investigations a :id his recommendations may be briefly

summarised as follows :-

First.-The floor system and bracing are of sufficient strength to safely carry the

traffic for which they were intended .

Second.-The trusses, as shown in the design submitted to the writer, do not
ccnform to the requirements of the approved specifications, and are inadequate to carry

the traffic or loads specified .

Third .-The latticing of many of the compression members is not in proportion
to the sections of the members which they connect . .

Fourth .-The trusses of the bridge, even if they had been designed in accordance
with the approved speeifications, woxld not be of sufficient strength in all their parts
to safely sustain the loads provided for in the specifications.

' Fifth.-It is impracticable to use the fabricated material now on hand in the
reconstruction of the bridge .

Sixth .-'rhe present design is not well adapted to a structure of the magnitude of
the Quebec Bridge and should, therefore, be X~carded and a different design adopted
for the new bridge, retaining only the le .igth of the spans in order to use the present

piers .
Seventh.-The writcr cons:ders the present piers r.trong enough to carry a

heavier structure, assuming that the bearing capacity of the foundations is sufficient
to sustain the increased pressure .

This report, is accompanied by the following Appendices :

A .-Copy of revised specifications.

B.-Tables containing computations of strains in the members of the trusses, a
table giving permissible strains for compression members, also diagrams of dead load
concentrations-and loads and strains durinR erection, August 29, 1907 (20 printé . )

C.-Review of the literature on the theory of compressiun members up to the

presen t time.
D.-Investigation of secondary strains in trusses .

Respectfully submitted ,

C. C. SCIINEIDER . .

31 . J . BuTl.Ex, Esq . ,
Deputy Minister and Chief Engineer,

Department of Railways and Canals .
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APPENDIX A.

QUEBEC BRIDOI: SPECIFICATIONS FOR LOADS AND STRAINS FOR
CANTILEVER AND SUSPENDED SPANS, BY THEODORE COOPER .

FLOOR SYSTEM .

Railroad Stringers .-To be designed to carry Cooper's E-40 engines with unit
strains not exceeding 10,000 lbs . per square inch of net section.

Trolley Stringsrs .-Loaded with cars weighing 56,000 lbs . on two axles ten feet
apart, not to be strained above 13,000 lbs . per square inch of net section . Cars thirty

feet over all .
Ilighway Stringers .-Loaded with 24,000 lbs. on two axles ten feet apart, strains

not to exceed 1 6 ,000 lbs. per square inch of net section .

Transverse Fîoor Bearns.-Nith all tracks loaded as above they must not be
qtrained above 15,000 lbs . per square inch of net section, or 12,000 lbs . with both

railroad tracks loaded.
The webs of all girders shall be considered as resisting shearing strains only and

will not be estimated as doing any flange duty.

TRUSSES .

The maximum strains produced by the following live loads and wind shall b e

used for proportioning all members of the trusses or towers :

1st . A continuous train of any length weighing 3,000 lbs . per foot of track, mov-

ing in either direction on eaçh traçk,_ - -
_nes-- o-ow y2nd. A train nine hundred feet long consisting of two E-33 engi-

a load of 3,300 lbs. per lin, ft . upon each railroad track and moving in either direc-

tion.
3-rd . A train load 550 feet long consisting of one E-40 engine followed by 4,000

lbs . per lin . it . of track, on each track.
4tb . For the suspended span a lateral wind force of 700 lbs . per lin . ft . of the top

chord and 1,700 lbs. per lin . ft . of the lower chord, one half of which shall be used for

lateral and diagonal bracing.
For the cantilever and anchor arms a lateral force of 500 lbs . on the top chord

and 1,000 lbs . on the lower chord, per lin . ft . in addition to the wind force on the

suspended span, shall be considered.
Only one-third of this maximum wind force need be considered in prop)rtioning

the chords. It shall be considered as a live load. Unless this increases the strains

due to the live and dead loads only more than 25 per cent the sections need not be

tncreas .
Reversal of strains by the wind acting in opposite directions need not be con-

sidered ; but where the maximum wind forces reverse the strains in any member the
member must be designed to resist each kind of strain .

Allowed Wotking Strains .-Under the above working loads in combination with
the dead loads, the allowed strains in all members of the trusses and towers shall not

excued the following limits :-

~ 54--vol . i-11'
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Tension Chords and Diagonals.-
min

12,000 1+ ~âx _l lbs. per sq . in. of net section .

Compression Chords.-(/Where l does not exceed 50 r) .

12,000 ( 1+ Min \ '
\ 11iax J

per sq . in.

Main Posts.-

/ 12,000 - 50 _ r 1 ( 1 +
mi

n gx
) lbs . per sq. in.

TRUSSED FLOORBE :,MS .

7-8 EDWARD VII ., A . 1908

Tension Struts.-

10,000 1 1+ M~n for R . R. loading.

12,000 ( 1+ MâR for total loading .

Compression Struts.-

( 10,000 - 40 r 1 ( 1+ Min 1 for R. R. loading .

C12,000 - 50
1

/1 ~ 1+ Max
-/~ for total loading.

/ \WIND STRUTS AND LATERALS.

Tension .-20,000 ]bs . per sq . in .

Compression.-20,000 - 90 l per sq . in.
r

For counters and intermediate posts, the live load on the railroad tracks shall be
increased 15 per cent .

COMDINED AND REVERSED STRAINS .

The allowed positive and nc gative strains upon any member subject to any com-
bination of ± D, ± L, +. I: shall be determined by the following formulae :-

Allowed±Strain, 12,000(1+
D- L

\ D+L+L'

Allowed + Strain, 12,0011
D+L+L )

PROVISION FOR FUTURE INCREASE OF LIVE LOAD.

In addition to the previous provisions as to the working loads and strains, no
member of the trusses or towers shall be strained to exceed three-quarters of the
elastic limit under the extreme assumption of an increase in the train loads of 50
per cent above those previously speeified . Or, not to exceed 24,000 for the chords and

main diagonals, or 24,000 -100 l for the posts.

The material to be medium steel of the best quality and made by the open hearth
process. -

All details, proportion of parts, workmanship, &c ., to be- in accordance with the
best accepted practice.

Corrected te date, March 2, 1904.
Appends . June 1 3, 1905.

For the cantilever arms, the full wind on the suspended span should be considered .
A snow load of 1,600 lbs . per foot of bridge eliould be used .
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REPORT ON DESIGN OF QUEBEC BRIDGE BY C . C . SCHNEIDER .

APPENDIX C .

THEORY OF COLUMNS.

A REVIEW OF EXISTING LITERATURE AND EXPERIMENTS .

An ideal columnwith a_ straightaxisand of uniform material, -loaded in-the
direction of its axis, would fail in direct compression by crushing . In practice, a
column will fail by buckling caused by lateral deflection.

Failure by direct compression or tension is caused by atrains which exceed the
resistance of the material. Since these strains are in direct proportion to the loads
causing them, it became customary to measure the safety of a structure by the ratio
of the working strain to the ultimate strength, instead of by the ratio of the permis-
sible load to the load causing failure.

Failure by buckling, however, is not necessarily the result of overstraining the
material, as the strains are not in direct proportion to the corresponding loads (see
examples page 192), but depend upon certain conditions which influence the strength
of a column consideredas amember_of a structure . .-_-

Perhaps the clearest conception of buckling can be obtained by considering it as
the result of unstable equilibrium between the external and internal forces . Assuming

a ateel spring (Fig. 1) rigidly fixed at the bottom, and loaded
at the top with a weight W, then the spring will slightly
deflect laterally, but will remain in equilibrium. If W is

I
o w

gradually increased, a condition will be reached where
equilibrium is no more possible, and the weight will drop -
suddenly. The spring has lost its éupporting power at this
moment of unstability, but the weight may go to the bottom
without producing any excessive strains in the spring.

The lateral deflection of a column is caused by an initial
eccentricity as the load will not be exactly in the center, nor

~~~ the axis be mathematically straight and the material unifor m
throughout the column, owing to iïregulsrities in rolling, or
caused by straightening, riveting, drifting, &c. (In an
I-beam 8 feet long, Bauschinger found a variation of 5 per
cent. in the elastic modulus and in the ultimate strength . )

This initial eccentricity and the 4zflection produced by it will cause bending and
shearing strains in the column in addition to direct compression .

The average compressive strain obtained by dividing the buckling load-that is,
the load under which the column fails-by the area of its section is called the buckling.

strain.
1. Long Columns.

In order to find a formula for the buckling strain, long columns r•hich fail with
a buckling strain within the elastic limit will first be considered . To apply to these

the theory of elasticity is not strictly correct, as the maximum fibre strain may have

exceeded the elastic limit ; however,-this, as will be ehown later, affects the buckling

load only very slightly . The true elastic limit for wrought iron and steel is almost
identical with the limit of proportionality between strain and deformation .
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Let it be assumed that an elastic column with hinged ends free to move in the

direction of its original axis , and subjected to an axial load P, has been deflected

late-ally (see fig 2) . Neglecting the ahortening of the column
and the influence of the eheâring strains, an'fl assuming a= m,
the elastic lin,- is represented by the differential equation

~p - M . . . . . . . . . . .. (1)~
ti

where bending moment M= Py, 1= Moment of Inertia of the

section . and E= Iffodulus of Elasticitv of the material of the

column .
TSCice-intrgrating,---

p (2)then y=S ain x

where S= deflection at the centre.
The elastic line, therefore, is a sinus curv e

for z= 1, and y = o, then from equation (2)

a! pnEl . (8)
Fi~.2 ° i'

as the load vhich holds the internal strains in equilibrium .

This formula is known as Euler's formula, having been first introduced by Euler

in 1759. Since this formula does not contain 8, P. is the load which, after a lateral

deflection is once started, may increase this deflection, and with it the fibre strain,

rapidl y and finall y produce buckling
. This buckling load, therefore, is independent of

the strength of the material as long as E remains the san
.r+.

According to Euler's formula . a column made of steel containing 3 per cent

nickel, with an ultimate strength about 50 per cent highe.i.han ordinary carbon steel,

could safely carry a load only about 4 per cent greater than an identical eolumn made

of ordinary carbon steel ; that is, in proportion of the moduli or elasticity.

On account of the assumptions made in deriving formula (8), P° does n t)t !orrectly

represent the buckling load . More correct formulae have been derived by C1rashof,

(Festigkeits Lehre, published 1866) who gives

~ EI ~p=
r

1+ 5~ . . . . . . . . . . . . . . (4)

and by Win . Cain, (Trans. A. S. C. E., Vol. %%=.) who derives

El EI -1 (g)S'=16rT,IP-P . . . . . . . . . . . . . .

tYn investigation of formulae (4) and (â) shows that if P egoeeds Po= A~1 a cer-

tain deflection S corresponds to the load P
; but that a vers small increase over P. is

sufficient to make the deflection esoessive and cause failure
; so that Po can practically

be regarded as the buckling load
. In these formule for 8=o, P= P°• in Euler's

formula ; in other words, P
. represents the load under which bending just begins, so

that for smaller loads than P
. the compressive strains are uniformly distributed over

the section .
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`e' (fig. 8) has been noun,ed

In fonnule (8), (4) and (6), the initial eccentrieity

negligible as compared with the deflection S. E ho~e thst tQny 1 ad P, even belowiP nca
n of the formul

a ~ page 191 for eecentrlc oa in8` e' is small, the buckling
produce deflection ; but if the eccentricity
load will be only alightly smaller than Po, although the maximum fibre

~u~ thereby may be higLor thau the buckling etniin• This
strain pr ~ actual buckling load. A
is another reason for regarding P. as lo i~'in
greater initial eccentricitS will reduce the buckling load by g g
fibre strains above the limits of safoty.

On~his basis, mans attempts have
been made to derive formulae

giving the load which would cause failure
by excessive fibre strains .

a+e•-- (See J. M. Isoncrieû, Trans. A . S . C . E ., 'Vol., XLV . )

The yield point must be regarded as the highest safe fibre strain,
heçnuse as soon asit is exceeded the defleotion increases rapidly until

finally failure occurs.
_ On the other hand, an initial bend in the colmmn

can counterac t

the initicl eccentricity of the load, keeping the T~el notnuu~etb~e
t load than Po .

equilibrium even for a grea er
influences explain the different actions of columns in te$ting a

s

regards deflections and breaking loads .

Fig .3 As it is impossible to determine for ever~ case the initia
l idenl, o

r eceentri buckling this iormula agrees 1R~thLthclresults of experimentsnmade
ideal column ; Procide

lowest testt~re_ult should be used withuncler conditions as ~erâ&f
e
RE,

woking load, those
of

In determining_ -. -- ----- _
a margin of safety permissible strain for bending is

Similar conditions occur in bending . Trmthat under the worst çondition
derived from the ultimate strength with the provisio

n the fibre strain ehn:l remain below the yield point . bearings made by Tetmajer an d
hinColumn tests, especially those with po

Bauschinger, prove that for long columns, which fail with a buckling strain w~tDie

the elastic limit, Euler's ~tgkeit, d editont Leipzig and ~ien~1903 ~~or, ~Mit-
Llesetze der Tnicknngs f ' 3r' Aiünchen, 1887 , by Bauschinger . )
teilungen der l~ateriel Prüfnugsanstalt, strains actually existing in a

Euler's formula (3) does not give the greates

t column
. This has caused the introduction of variousdfn ~~t~heh~n p gince ,

express the relation between the load and the corresp
o

howeva•
., as has been seen, strains in buckling are very uncertain, all the formula

based on strains contain one or more coefficients, the values of which tlhabû~li be

derived empirically from the bucbling load formula represent mlo elocgr less correctly
strain thus found by a factor of safety, the

safe loads, but they do not give the actual safeunit strains .
Formula .'

One of these is the extensively used 'Rankine

(8)
ko_ T . , , . . .

I + c -
11 ield

where kp = buekling strain, k„ an assumed constant approximately equrl to the y

point and c a constant to be derived from teste
. It has been proven, however, by

experiments and analyticallS, that c is not constant but varies not only with the

material, but also with the value of ~ and with the average unit strain
. Totma7er

found by tests a variation of c=0•000448 to 0•000136 for wrought iron, and

c_0•000370 to 0 .000130 for steel .
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The fact that It is possible to give ko and c such values that k, corresponds fairl y

well with observed buckling strains within the practical limits, of
I
, makes the

formula applicable to practical use. It thus becomes an empirical formùla.
Dividing P. by the area, Euler's formula takes the following form :-

ko=R'E ~, . . . . . . . . . . . . . . . . . (7)

where k, represents the buckling strain . Giving k, the value of the elastic limit, and

solving for 1, the limit for Euler's formula is found to b er

Ir A/ko
Tetmajer found the following values :

For wrought iron with an elastic limit = 22,600, 1=112
r

soft steel 27,100, t - =105
r

medium steel 28,400, 1- =105
r

and with E = 28,450,000, 30,580,000 and. 32,000,000 respectively,
Euler's formula becomes

ka = 280,800,000 (_- 1 for wrought iron,

k, 301800000 --~l -/l soft steel,

ko = 315,900,000
(-)"/medium steel .

H. Short Uolumns .

Thus far this subject has been considered theoretically only, in order to give a
clear account of the nature of buckling . Columns which fail with buckling strains
above the elastic limit will now be considered . Thfse include the majority of cases
occurring in actual practice .

Since, as shown above, Euler's formula is limited, and- is applicable to steel

columns only whose ~- exceeds 105, it appears desirable to consider the subject wholly

from a practical standpoint and endeavour to find an empirical buckling formula based
on experiments .

The first question to be considered is : What is the buckling strain for a very

short column (theoretically 1 = 0) ?
r

Fig. 4 represents the typical deformation diagram for wrought iron or steel, the
abscissas c representing the elongations cormsponding to the stresses k as ordinates .
P denotes the limit of proportionality, or elastic limit, and Y the yield point . Up to
the elastic limit, the modulus of elasticity E for wrought iron and steel is constant,
but is variable for higher strains. If the values of E for strains above the elastic limit
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were known and applied to Euler's formula, it would still express correctly the buckling
load.

Fig.4 Fig. &

Drawing a tangent to the curve at a point K, the corresponding modulus o f

elasticity may be represented by

h'= dÉ =tg.a,•'

introducing this in Euler's formula and solving for
r

then! =a~ t
k

a

This equation enables us to construct the curve of Fig . 5, where the abscissas repre-

sent the values and the ordinates the strains k . If point K travels on the straight
r

line from 0 to P, E is constant = Eo=tg ao and point K' follows Euler's curve from

0' to P', the corresponding values of T for tw3:! P' baing those given on page 180 .

If point g continues from P to Y, tg a gradually decreases from tg a, to zero,

while point K' travels over curve P Y' andŸ gradually beaomes zero .

This mears that a very short column becomes unstable when the buckling strain

reaches the yield point, since this is the point of first horizontal tangency. As is well

known, the yield point, commercially called elastic limit, manifests itself in testing

by the sudden drop of the test load.
C1ast iron does not follow the law of proportionality, nor lias it a yield point (see

deformation diagram, fig . 0) .

Fig•6 Fig.. 7
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tg a decreases from the point of zero strain, and becomes zero where the tangent

to the deformation curve becomes horizontal ; that is, at the point U of ultimate
strength k,, . Point K' does not follow Euler's curve (fig . 7) but reaches i7, for
= 0 in a more regular parabolic curve. The buckling strain for very short columns
(± .r 0 1 is therefore equal to the ultimate strength . This explains the fact that

short cast/iron columns show a much higher resistance to buckling than wrought iron
or ordinary steel columns.

If tests were made with short columns of very bard steel, in which the yield point
and ultimate strength are close together, these tests would evidently also show a pro-
portionately greater buckling strength than those of ordinary steel .

While some engineers are of the- opinion_ that_the ultimataetrength in tension_ -

should be regarded as the buckling strain for 1= 0, others have recognized the yield
r

point is this ultimate buckling strain. (See J. B. Johnson's 'Modern Framed Struc-tures,' p. 169. )

What is generally called yield point (about 60 to 70 per cent of the ultimate
strength for steel) is an apparent strain obtained from tension tests based on the
original area of the bar

. Since the area of the bar has decreased, the true yield point
must be higher, and this is equal to the true yield point in compression . The apparent
yield point in compression based on the original area of the compression member is
still higher since in compression the area has increased and this yield point must be
regarded as ultimate buckling strain, because the latter is also based on the original
area .

Sin4 the increase of the area is not known, the ultimate buckling strain must be

found from testa . Undoubtedly a column of sas *= 5 in the testing machine act s

practically the same as one of T = 0 ; that is, the strain is uniformly distributed up

to the breaking point, since any accidental eccentricity would cause only very small
bending strains . The buckling strains thus found can, therefore, be considered as
the ultimate buckling strain for 0 .

Tetmajer found for this strain which he calls `a kind of compressive strength,
different from, but comparable to the crushing strength of cubes,' the following values :

For wrought iron . . . . . .
. Lbs. per sq . in .

" soft steel . . . . .
. ko=4ô,100

u medium steel . .
• ko = 44,100

• . . . . k.=46,700
A rational column formula should contain these velues as the limiting buckling

strain for - -- = 0 and give buckling strains decreasing from this limit with increasingl
r

The curve representing this formula should, moreover, intersect Euler's curve at
the point for which ka is equal to the true elastic limit. As this latter strain as well
as the yield point is more or less variable, even in the same material, it is evident that
points P' and Y' (fig. 5) can be chosen within certain limits. Owing to the greatly
varying test results, it is also evident that a great number of different curves can be
drawn between points P' and Y' as representing approximately the average of the
plotted test results .
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For all practiftl purposes, the simplest curve is naturally the best and that is
the straight line. :

The writer considers that all theso more or less complicated analytical formules
(like i{ankie's, &c .) are not juatified. Analytical formula based on the theory of
proportionality between the strain and deformation (with a constant Ti) cease to be
correct for the buckling strains which are now being considered ; and have been made
applicable to the latter by merely choosing empirical coefficients .

The following publications contain the results of column testa and diagrams,
with the resulte plotted and the different curves representing the formula. An
examination will show that the etraight line fits at least as well as any curve :-

1 .---L. F. G. Bousearen. Trans. A.S .O.E ., Vol . IX.--
2.-J. Christie, 'Experiments on the Strength of Wrought Iron Struts .' Trans .

A .$ .O.E., Vol. XIII .
g-~ Hï 3ahusa~` Oa the Strength of Columne.'--Tran&--A.B.C.E:;-Vol .- âV.--
4.-0. A. Marshall . Trans . A .S.C.E., Vol . XVII.
5.-O. L. Strobel, ` Eaperimcnts upon Z-Iron Columns.' Trans. A.S .C,.E .,

Vol . SVIII .
6 .-Testa of Metals made at Watertown Arsenal . Vols. 1881, 1882, 1883, 1884

and 1885.
7 .-A. Marston, 'On the Theory of the Ideal Column' Trans . A.S .C .E., Vol.

XXXIX .
8.-J. M. MoncriefE, ' The Practical Column' Trans . A.S.C.E., Vol. XLV .
9.-Johnson, Bryan and Turneaure, `The Modern Framed Structures.' 8th

Edition, page 168.
10 .-G. Lanza, 'Applied Mechanics,' page 416 .
11 .-L. v. Tetmajer, `Die (iesetze der Knickungs festigkeit' 3rd Edition, 1903 .
12.-Prof. Bauschinger, `Mitteilungen der Material priifungsanthalt München.'

15th Vol .

The straight line formula

ko=kn-o r . . . . . . . . . . . . . . . . . . (8)

was first proposed in 1886 by T . H. Johnson (see Trans. A.S .U.E ., Vol . XV.) and is
now generally used. He derived it from tests of wrought and cast iron and steel
columns made by Hodgkinson, Christie and others under greatly varying conditions,
and proposed for columns with round ends, the following buckling strength :-

Wrought iron, 42,000 - 203 t, upper limit ~-= 138

Carbon 0•12%, soft steel, 52,500-284 r
, r-= 128

" 0- 3É%, hard steel, 80,000 - 534 f, 10 0

They represent straight lines drawn from k„ tangent to Euler'é curve . By refér-
ring to the above-mentioned tests, it is evident that ko is too high for steel, while the
point of meeting Enler's curve is too low. A less inclined line, taking the former
point lower and the latter higher would give more correct results .

Based on his own numerous tests of wrought iron and steel columns with point
bearings, L. v. Tetmajer introduced a stright lino formula, at the same time proving

the oorreetness of Euler'a formula for buckling strains lower than the elastic limit .
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(See 'Mitteilungen der lltat.erial Priifungsanstalt, Ztirich,' Vol. VIIf, _alao L. v.
Tetmajer, `Die Gesetze der Knickungs festigkeit,' 3rd part, 1903 .)__He proposed for

Wrought iron, k,=43,100-183 ~~-r ~ 112

Ultimate strength < 57,000, soft steel, b.o = 44,100-162 T~ T 105 .

> 57,000, medium steel, /~a = 45,700 - 165 l 1 105
r r

Since steel columns with r> 105 are used for unimportant parts only, and the

difference between Euler's and the straight line formula is only email for t- from

105 to 120 (which is generally the practical limit)_itis justifiable
r

_le _usa the_straight -
i në ârniütn tliroûgü-ôü~--- - -

The permissible unit strain for tension is usually deduced from the ultimate
strength; while that for compression must be deduced from the eonsiderably lower
buckling strain . For compression therefore, a smailer factor of safety is permissible
than for tension, since the strains in either case must remaiin with a margin of safety
below the true yield point.

If, in accordance with usual practice, a unit strain of 16,000 pounds per square
inch in tension for structural steel (55,000 to 65,000 ultimate strength) . is used,the

same strain is permissible for a column with r= 0 in compression . For longer

columns, this strain has to be reduced by the formula in order to have the same factor

of safety for all. ratios of ~ . The formula for the permissible unit strain

so=16000-70 ~-- . . . . . . . . . . . . . . . . (8)

which was adopted by the Committee on Steel Structures of the American Railway
Engineering and Maintenance of Way Association will allow a safety of about 3 .

Thus far only the case of a column with ends free to rotate has been considered .This case, however, does not occur in practice ; the ends will always offer more or
less resistance to turning. All cases, however, can be treated similarly by assuming
the so-called buckling length ; that is, the distance between points of contraflexure .

The assumption of the buckling length is mainly a matter of practical judgment,
since in practice no column will correspond either to theory or to experiments .

For compression members with hinged ends, the friction of the hinges should be
entirely neglected and even for compression members with riveted, and, therefore,
partly fixed ends, the free buckling length should not be assumed less than the distance
between connections on account of the secondary strains due to the elastic deformation
of the truss . These secondary strains, as will be seen from Appendix D, are the result
of bending moments which may partly or entirely counteract the fixity of the ends.

III . The Eccentrically Loaded Column.

Since in practice a column is always more or less eccentrically loaded, this case
must be considered in order to determine to what degree an eccentricity can affect the
buckling load of the ideal column . This will also show the increase of the fibre strairin
when the load increases . Of course, only comparatively small eccentricities are con-
sidered ; such as may occur in compression members of trusse&
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In a column loaded eccentrically and parallel to the original axis, the deflection 8
can be accurately determined ; hence also the bending moments and the fibre strains,
provided the latter do not exceed the limit of proportionalit y. In order to get com-
parative figures, however, the following formula will be used for strains up to the yield
point :-

With the notations of fig. 8, the extreme fibre strain k can be expressed by the
well-known Navier formul a

e " k-k r 1+ (e+_8) d
2r' 1

. . . . . . . . (10)
-i-- r °L

and the deflection by the formul a

e
- ----- -- ---,-g ~` ------ -- _ _- --- - -- -- ---- __ - -__ -- -

7r r-1 . . . . . . . . . (11)°
where `e' is either an initial eccentricity or an initial berid and
k° the load per square inch.

This formula shows that however small the eccentricity ` e'
may be, the deflection 8 will increase to excessive proportions and
the column will fail absolutely when the denominator approaches
zero .

1=0But
°

is nothing else than Euler's formula, and it is seen at once that for very small ` e,' 8,
and with it the fibre strain, becomes unsafe only in c-ise the load approaches ko of
Euler's formula.

Assuming that the column would fail when the maximum fibre strain reaches the
yield point (according to Tetmajer's tests of ec cen trically loaded columns th is assump -
tion is justified) ; that is, making k of equation (10) equal to the yield point and
introducing the value of 8 from formula (11) into equation (10), then an expression
for the breaking load is found by-solving for k°.

A few examples, however, will better illustrate the relation between load and strains
than the investigation of such a formula .
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For all examplee, a oolume crom"ed of Min . ('A, 33

lbs. will be assumed with r~6'62
in. and d*16 In . and

rIB= 300,000.000-

S _ --------'~~ - ~ ~ ~ ~
afe

Buckling buckling

1 train for axial train.

I
r luad. 18,000-70 ~

-~~

E
- --- /r-\ 2
x
4 1 )

Asaum. I Aeaumed beflec-
edeocen load in .lb p. tian .
tricity. I ~. in . a

e I

in. I In
. 7,600 0•~

10,000 0•~
0-1- - --15.~ 0' ~

18,W0 0•62
20,000 2* 5

7,600 0'6
10,000 0' 9

1 16,(~00 2 '6
1201 20,800 7,600 10 17700 6' 6

45,000-1d-

7
.600 24-9.'51 0 10,r1p

p 12,000 6• g

10.400 0•03
0.1 20,1 00 0-07

30, pp0 0•1 8

f 10,400 0'~

80 I 32,200 I 10,400 I 1.0 1
0•7 4

28,000 1 47 `

6'0

45,000-1601
1• 0

40 38
.600 I 13,200 I 5•0

10,400 1•45
1d"00 2•7 I

Bending
t+d etrain

k~.

Max ► aium
fibre
attain
kw

016 ~~ 10,500
0•19 ~0 10,200

003752-1
-- l'~ 21,000----

2'6 s g9,5M 0~ 29,60
0

0
1.6 2,900 10,6001 19 4~6pp 14,500

816 12,500 ~
;0006•5 27,300

7 .9 14.200 21,800
9 1 6 22,700 32,700

11 . 8 q3,600 45,600

0•1H 300 ~~
0•17 800

42,000
0•28 2,00

0 1
129

3 ,200 13,200
1•74 g,200 28,200
24t 16 F00 44,600

6'45
7•7

15,800 25.800
30,000 46,500

13,:00 0'08 1•08 3
',3 16,600
600 ~."

,C00 0•12 1 12 g~600 88,500
20 • lg30,000 l' 190

30,000
13,200 0.88 5•38 16,800 46,6W
20,000 0•60 6-60 26,500

ce
The loada underlined are approximately the buckling

strsins câused by exa+ive fibre strains.

APP19ing the foregoing to a straight column apparently centrally loaded, it i
s

the possibility of an
seen adin ~ mpaçt, if any) with the buckling loadmbut that nalsol
(inelu8eccentricity must be considered, since under unfavourable conditions the maximum

fibre strains may becoae ~ excessive thee same l.i r ts asoaÎowedlforotensionnor â~e~ct
ary to keep thes ecompression, but is sufficient if they remain within the yield point, since they are only

accidental. rs; as or-t
h In this respect, columns.di that only thetoneleond'tionehas o be fulfilled t o

and strain are in direct proportion so dition
, keep the working strain,be consdered as thet most unfavonrable condit onhia sn yecoen

tield

What in examples, it is evident that for
is é matter of judgment. But from the~ ~ is sufficient safety against excessive
columns of lengths such as used in p

a

accidental fibre strains when using for statio loads the 1ermissible unit strain given
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by the formula 18,000-70 since the eccentricities which would cause excessive

fibre strains under the working load are evidently greater than those likely to occur
in good practice .

It must be remembered that the column with frictionless hinged ends is considered
here. In practice more or less fixity of the ends counteracts the influence of a possible
eccentricity ; that is, the free buckling length will be reduced, unless the eccentricity
is excessive, or secondary strains are likely to occur .

In good practice, the latter cases should be carefully considered and, if found of
importance, special provision should be made in designing the column.

The writer has endeavoured to treat this subject merely from a practical stand-
point, applying theory only so far as necessary to explain some fundamental principles,
as the many elaborate theories advanced on this subject have been productive of more

__ ----- - -- --- -or less co uaion:--_ -- -
Considering that static computations are only approximations in any case, the

writer is of the opinion that our knowledge of the behaviour of compression meml,ers
under strain is sufficient to enable us to design columns with as much approach to
accuracy as any other member of a structure subject to bending. Additional tests on
large columns, corresponding to those used in modern practice, made under the Puper-
vision of experienced experimenters, would tend to further reduce the factor of ignor-
ance on this subject.

THE DESIGN OF LATTICING OF COLUMNS .

If a column is made up of several shapes or parts, they have to be connected in
such a manner that they will act as a unit. In an ideal column each part would take
its share of the load and no connection would be required . In practice, however, as
stated before, bending will occur before the buckling load is reached, causing shearing
strains which have to be transferred through the connections, as latticing, tie plates or
cover plates. These connection parts have, therefore, to perform the same function as
the web of a girder or the web system of a truss . It has also been previously explained
that, due to the variety of causes producing an initial ec centricity, it is not possible to
figure exactly the bending strains caused by a given load, not even at the time of
breaking. And, sinoe the shearing strains depend on the bending strains, the same
uncertainty applies to these . The design of latticing, therefore, will remain largely a
matter of praotical judgment like the design of other details, until by means of
numerous comparative tests, an empirical bas is can be established .

There is, however, a rational method of dimensioning latticing analytically, which
agrees well with actual examples found in existing bridges of usual dimensions .

When a column is bending the maximum fibre strain will exceed the average
buckling strain, the difference being the bending strain . As a very short column

theoretically *= 0) will fail when the average buckling strain has reached the yield

point, while a longer column whose maximum fibre strain has reached the yield point,
wi ll deflect rapidly and fail under a small increase of the load, it is reasonable t o

_-_-assume -_that-a_columnwill-fail by buckling when- the maximum fibre strain reaches
the yield point ; in other words, when the bending strain is equal to the difference
between thd-yield point and the buckling strain .

164-vol . i-13
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r

i►ar all examplee, a oolmmn aomposed of 164n 'x, M
lbe. will be aaau»red with r5 '~ - h►. 'aed d - .16 in, and
r28=30^.000,000.

Buckling
atrain for axial

load .

Safe
buckling

.train,

1b,000-701

JAseum- Aeaumed
edeoc~en- load in lb. P.
tricity . nq . in .
t ko-

In.

120

'4g~r~ 9

I

20,800 7,600

0•1

7,600
10,000
15,000
18,000
20,000

7600
10,000
15,000
17,704

7,600
10,000
12,000

1' 0

5'0

80

45,000-1601
r

10,400

0' 1

1• 032,200

10.400
20,s00
30,000

Deflec-
tion .

a

In .

0'06
0'09
0'25
0'62
2-5

0'6
0•9
2'5
5•5

2•9
4'6
6'8

0•03
0 '07
0•1}1

10,400 0'29
20,000 ~ 0'74
29.00C 1'47

e+a
Bending

BErai n
ke .

Maximum
fibre
strain

k,.

0'16
0'19
0•36
0'72
2'6

1'0
19
a'5
6'5
7.9

9•0
11• 8

0•13
0•17
0'28

1•29
1•74
2'4 7

10,400 1'45 G45
G'0 1G, fQ0 2' 7 I 7' 7

40

45,000-1601
r

38 .600

l' 0

13,'M 1 6-0

13,22W
20,C00
&),000

0'03
0'12
0'1 0

13,240 0'33
20,000 0160

1•03
1'12
1'19

5'38
5'60

300_
500

1,200
3,000
9,500

2,900
4,500

12,500
27,300

14,20.)0
22,700
33,50 0

300
800

2,000

3,200
E,240

16,500

15,800
30,000

3,300
5,300
8,500

16,8 o0
20,b00

7,900
10,500
16,200
21,000
29,500

10,500
14,600
27,500
45,000

21,800
32,700
45,500

10,700
20,800
32,000

13,200
28,200
44,50 0

23,800
46,500

16,ü00
28,30t1
38.500

30.000
46,500

The loade underlined are approximately the buckling strair,s ca~ .ise? by exoe3aive fibre strains .

Applying the foregoing to a straight column apparently centrally loaded, it i s
seen at once that its safetv cannot be judged by merely comparing the working load
(including impaçt, if any) with the buckling load, but that also the possibility of an
eccentricity must be considered, sinc© under unfavourablo conditions the maximum
fibre strains may become excessive under the working load . It is, however, not nDces-
sary to keep these strains within the same limits as allowed for tension or direct
compression, but is sufficient if they remain within the yield point, since they are only
accidental .

In this respect, columns .dffer from beams or tension members, as for these load
and atrain are in direct proportion so that only the one condition has to be fulfilled to
keep the working strain, under the most unfavourable condition, within the yield point ,

Whz~t ô onld be considered ns the most unfavourable co.zdition m to eccentricity
is a matter of judgrcent. Br.t from the foregoing examplen, it is evident that for
columns of lengths such as used in-practiae there is ëvfûcient safety against excessive
accidental fibre strains when using #or static loads the permicoible unit strain given



8ES81ONP,L PAPfR No . 164

REPORT op 0. 0. &0gNE1DER

168

by the formula 16,000 - 70 ~

fibre strains
r' slnce

the eccentricities which would
cause eaeeasqveunder the e'orkiin good praetice, ng load are evidently great,er than those likely to occur

It muet be remembered that the ooiumn with frictionless hinge
d he~ InPraotree more or les stras fixity of the ends counteracte the influence of a possible

eceentricitY; that is, the free buckiin length ends is COnsidered
is excessive, or secondary strai g will be re<iuced unl p oIn good praoti ns are likely to oocur, ' ~ the eccentricitg
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awriter is of the opinion that our knowl pP~ximations in any case, the

under strain is aufficient to enable us togdesf the behaviour of comaccuracy 118 ar Pression members
9 other member of a structure sub' 'ect to ben
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further *eduee the factor of

tests On
anee on this subiect. r-
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MF DESIGN OF LATTICING OF COLII.IINS,If a columu is made up of several shapes or parts, they have tc he conneete.i in
such a mariner that they will act as a unit. In an ide aI column each part would take
its share of the

load and ao connection would be required . In practice, however, as
stated before, bending will occur be fore the buckling load is reached, causing shearing
strain.e which have to be transferred through the connections, as latticing, tie plates or
cover plates. Thece conne ltion parts have, therefore, to perforai the eamfl funetion as
the web of a girder or tho web system of a truss. It has also been previously explained
that, due to the variety of causes
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ehearing strains depend on the bending strains
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aesign of I~othete detA ls, vuntil byrlmeans ofnumerous comparative
tests, an empirical basis can be est.ablished .There is, however, a rational method of dimensioning latticing analytically, which

agree s well with actual examples found in existing bridgee of
usual dimensions .When a column is be

nding the maximum fibre strain will exceed the averag
e

buckling strain, the differenoe being the bending strain . As a very short columntheoretically 0) n.ii1 fail when the average buckling strain has reached the yieldpoint, while a longer column whose
maximum fi bre strain has reached the Yield point,

wi ll deflect rapidly and fail
under a small increase of the load, it is reasonable toassume that a column

will fail by buckling when the maximum fibre stra
i n reaches

the yield point ; in other words, when the bending strain is equal to the
differencebetween the yield point and the buckling strain .
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Extremely long columns which may buckle without their fibre strain reaching the
yield point (see example given for a steel spring) are not used in structural work and
are, therefore, beyond the scope of this investigation .

ku

~
~

Fig.9.

Yalues o~ ~s

In the straight line formula k k- a lo-- a T, the bending strain is therefore,
kv = c -t

r
-, represented in the diagram of buckling strains (fig. 9) by the ordinates

between the buekling curve ko and the horizontal li ne through the yield point ko.
It is evident th at every part of the column must be able to resist the bending

corresponding to the etrain kb , as otherwiee its full strength would_no t b e developed . _
Some lacing bars are in compression and others in tension . Those in compressio n

must be treated in the same way as the column ; using .the sanie unit strain k,,, but

reduced according to their t . Those in tension become ineffective when they stretch,r

as their elongation would permit a sudden increase in the deflection of the column and
have, therefore, to be proportioned for the yield point in tension . A column thus pro-
po rt ioned has a uniform resistance against failure in all its parts, anc', if, instead of
the respective yield points, the same permissible unit strains are used in proportioning
column and latticing, a uniform safety is obtained for the column as a whole .
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In order to find the ehea•r due to the bending, the shape of the axis of the dedtected
column has to be aeeumed. As mentioned before, the elastic line of an axially loade d

column ie a sinus ourve. U. however,
the column has an initial eccentricity,
the elastic line will approach a oiroular
curve-the more the greater the eooen.
trioity oompared to the reeulting deflec-

Circle. tion. We will, therefore, assume the
Panabola . elastic line as a parabola which lies
Sinus Carve. ~r between the two curves. (Fig. 10 . )

The equation of the elastic line
with the notations taken from $g. 11
will then be

!/=x' ~ and d~~ = 88
x

The maximum bending strain we have
assumed as

kb = c r . which must be equal to =

31 max P 8

R_ _ R

Fig . 10.
where R = Monient of Resietence =
2 ar'
â, a= areA, r= radius of g yration,

d = width of column. ~ -~

I

.,. ~ ..

Theiefore we have

M max=R c-r-=2 c ai 1=P 8

Since the bending moment at any point X is 1ff = Py, the shear at the same
point is

dM r d_8Ps
8= d

xdx --'
x

Substituting for P8 the value given above, we get

S_-16 xc dl . . . . . . . . (1)

and for .z=-2

8 max=S c d • . . . . . . . . . . . . . . (2)

N(Yrs.-° r' is the radius of gyration laterally and d the width of the member, als o
laterally ; that is, in the plane of the lacing . The 'a I is not the actual area used, but
is the area required for the lateral radius of gyration and the corresponding T . In
ordinary caees, however, the actual area can be used aa' a. '

154-vol . i-181
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I

From equation (1), it follows that the shear
decreases toward the middle of the column. In
practice, however, the ends are always more or less
fixed so that the elastic line will take the shape
shown in fig 12 or fig. 13, and l will be the dis-
tance between points of contrafiexnro.

Fig. 12. Fig. 13 .

Since S max (according to equation (2) ) is eiitirely independent of the length
of the column, and eince it occurs at the point of contrafloxure, it follows, that it may
occur at almost any point . The latticing should, therefore, be proportioned for the
maximum shear throughout the entire length of the column .

The following gives the proportioning of various systems of column latticing :-
(1) If the column consiste of two segments (fig. 14) connected

Fig. 14• by one system of single lac ;ng bars, the shear S(ttder which we
will now always understand S max) has to be taken tip by one bar .
The required area A of the bar i s

A= ~ see a and since S= 8 c d

C or
A=8 ~- d see a . . . (3)

k being the yield point in tension for a tension bar, and k = k„ - 0 1

for a compression bar ; k being a constant for the same bar, the

size of the bar is a function of the properties of the column section
only, and does not depend on the column length or on any strains .
We can, therefore, in any given case, without knowing the column
load and the permissible unit strain, jv'ge if the latticing be suf-
ficient for the section of the column. Yt~i?s we follow the accepte d

practice of designing the connections to develop the fui ;, strength of the member.
Since the strains have only relative values, the permtt;ible unit strains of 16,000

d _ - -- - --- - - -- -- -__ ---pounds for tension and (18,000 - 70 -) for compression will be used hereafter insteadr
of the final values of k given above.
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Fig. 15 . Fig. 16.
If the system is double (fig. 15), or single and

on two sides of the column (fig. 16), the area
required in the bar is, of course, only half of that
given by formula (3) .

To find the number of rivets N required to
connect the lattice bar, we have to remember that
the allowed unit for shear is assumed f of that in
tension. If A , = area of rivet, and A the net area
required in the tension bar, we have .

A= 4 NA,, from which

N_ 4 A
3 d~ . . . . . (4)

If the bars are connected by one rivet as in fig. 16, this rivet trar smits the
resultant of the two lattice strains . The strain onFig. 1 7. one bar i s

If the bars are connected by one
rivet as in fig . 17, the rivet transmits
the resultant of the two lattice strains .

The strain on one bar for single latticing on both
aides is

F
y

seep

2

Fig . 18.

Example :-

Coluwun scction 2-15•in. ['s 50 lbs . ( fig . 18 )

We will assume that the area `a' required for
buckling in either direction be the same : a=29•4
sq . in . and that the column shall have single lacing
of a=34° on both sides

. For '__ 70 =0.0044
k 16,000

since sec a=1•16, we find by formula (3) the net area of one bar.

AjX8xO0044 29•4x525
X1•18=0•193 eq . in.

I bar 21 x{ = 0• 66 square inch will be ample.
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Number of ;-in . rivets required = N= 8 OOl6g = 0-43

per bar use one for 2 bars as in Fig . 17.

2.-Columns with 8 Webs : (Fig . 19.)
Fig. 19.

Required area of column a= a' + 2a", where a' and a"
are the actual areas of the ribs reduced in proportion of the
total required area 'a' to the actual area .

L The longitudinal shear S' between two ribs for one pane l
length L has to be taken up by the diagonal 1- 2 of that
panel .

The longitudinal ehcar per lineal inch is found from the
transverse shear 8 by formula

t - S.M _ SM

I ar'

where M = Static Moment of the outer rib about the column
axis = a"e, e being the distance of centre of gravity of the
rib from the column axis .

` t' of course decreases with S towards the point of
maximum deflection, and S' could be found by integration
for the length L. The error will, however, he small if we
assume `t' constant for one panel le .,gth. We th en getP I

S'=eL= S
m

L-8c ~`'T-(since S=8c d-1 . . . . . . , (~j)ar*
and the area of the bar required . /

S' c hII.
A eosee a = 8 k: jr eosec a . . . . . . " . . . . . (8)

or, +} of this if there are two sides of latticing .

3 .-Colurnns with 4 Webs :
Fig. 20.

d= kc~â= 8
)v dr

eosea â . (10)

where M' =$tatio Moment a"e"+de .

r

and the area of the inner bar required

ff c M' L'

between the inner ribs
M'L '

F =8 cd . . . . (9)

Required area of colanan a=2 (a' +a")
(Fig. 20 shows a complete syetem of latticing for
this case) .

The longitudinal ahear between the outer and
inner rib for one panel length L" is equal to

Sbl" hf•,L•,
ar,, L' = 8 c dr (7)

where Af" = Static -Moment a"e".

Therefore, area of outer bar require d

A~~
/

cosec a" = 8~ ~dr~~•cosec a"(8)

or, j of this when there is latticing on two sidee .

Correspondingly, we find for the latticing
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LATTIC4dQ OF THE LOWER CHORD (Ir9) OF THE Q(JSBEC BR1DQp,

Fig. 21 . The top latticing as sketched in Fia . 21 (the
circles indicating riveta) will first be coneidered .

The latticing angles between the outer and
inner web practically form a complete eyatem,' only
insignificant bending on the ribs being caused by
the centre lines of the diagonals not meeting at
the centre line of the ribs . We can apply formula
(8) on page 198, to find the area which would be
required in these angles, assuming hinges at
points H.

Let it be assumed that the actual area has been
;

found by the formula 16,000 - 70 f, , where r' is

taken parallel to the webé. - This area -must be

16,000 - 70 l -
rnultiplied by j in order to End the

16,000 - 70 --
r

area 'a' required for buckling laterally. The
actual area is 781 square inches, r=19•7 ins .,
1=684 ins ., r'=16•1

Therefore

a=781
13~6~00 - 746 sq

. in .

and a= a"= 4= 186•5 sq . in .

é=5•8 in., e"=27•2 in ., d=67•5 in ., L=73 in .
M" = a"e" = 5,070 .

„- 50'10 x 7 3
S -8x70x- 15G,000Ibe .

67•5 x 19• 7

Area of one diagonal required

A net= 1
156'000

-x1•4=3•44 sq
. 16,000 4
. in.

A gross = A net - 1
613,,00

0 CC1
=3-97 in . gross.

Actually used :
1 angle 4 x 3 a 1 =2•5 c,q . in . gross=1•1 sq. in. net, as one leg of one angle is

cut off at the intersection at centre . Number of i-in . rivets required in one angle

4 3•40
=-3- 0•6_ 8

Actual number of rivets used=2 .
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Between the two inner ribs, there is no complete lattice system ; the interseetingdiagonnla have to . transmit the longitudinal shear $' of one panel length L, which

can be found by formula (9) .

=4M' (é + s") = 6060

S' =sx70 60 60 x78 _1s6000 tbe .67•5 x 19•7 -
Area of one diagonal required .

A net= 1
186'000

4 16 x1•4=4•07 sq . in .,000
Actual effective area as above=1•1 sq. in .

Besides there ard secondary strain -~ ;n the lattice angles owing to their continuity,,
the riveted end co-nnections and t"Le presence of the lateral struts.

The rivets at :he inner rib have to transmit the shear
31 -â" =30,00û

Their number should be
1 4 30,000 1

N
=

2 3 16,000 0•6 -2 rivets, j -in . diameter.

Actually used, 2 rivets J-in . diameter.
In consideration of these results, the lattice diagonals and their connections are,

decidedly too wank. It is evident that even under conservative loads certain parts
must have been overstrained .

The bottom lacing is somewhat better. The tie plate at the intersection of the-
angles takes the longitudinal shear and is connected by 4 rivets to each rib .
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APPElYDll.B D.

SECONDARY STRAINS IN TRUSSES OF QUEBEC BRIDGE.

In Sguring the primary or direct strains in a truss, the truss members are-asaume3
connected to each other by frictionless hinges . This condition is never realized ; themembers be ing either riveted and, therefore, unable to turn at their ends, or hinged,
which, on aocount of friction, will permit only a partial turning .

When the truss deflects undar the load, the angles between members tend tochange. This change, however, cannot take place without bending the members atth i ir ends, which produces bending strains in additi o n to the direct atrains .
These bending strains are called secondary strains . On account of the labourinvolved in computing these strains, as they can only be determined after the trusses

have been designed for the primary strains, they are considered only in rare cases ; butprovision for them is generally made in the adopted margin of safety .
It would be of no value to compute the secondary strains in every case, since they

amount to about the same percentage of the primary strains for trusses of the same
type and ordinary apans . They should, however, be carefully considered in unusualdesigns and in members of unusual proportions .

The seeondary strains will depend largely upon the methods of manufacture anderection . In designing, the most tmfavourable conditions should be considered ; using,
however, for the combined strains higher permissible unit strains, which may be the
higher the greater the ratio of the secondary strain to the direct strain .

In order to get the maximum secondary strains for all members, different cases of
loading should be considered ; but generally one case, for instance, that of a total load,will suffice to show their possible magnitude. The secondary strains are the greater
the deeper the member, since a bending of the ends has less effect on a slender bar
than on a wider member.

As it would lead too far to give here a general theory of secondary strains, only
the method follo wed in computira these etrains in the lower chord of the Qu ebecbridge will be shown .

GENERAL TIIF.ORY .

The lower choid of the truss is continuous over the entire lergth of anchor and
cantilever arms ; while all the other members are pin-connected . For the present, the
friction of the pins will be neglected ; all the members connected to the lower chord
will, therefore, be considered as tr,rning freely at their ends and receiving no secondary
strains under any load . If the lower chord sections, like the other members, were free
to turn at their ends, the original angles g„ t„ C, (see Fig. 1) between two adjacent
sections would change under a given load to C, + AC„ C, + At,, j', + 0(,. The change
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LC, at panel point L. is equal to the sum of the changes Aa„ Da, Aa„ and 46e, of the
angles av as, a,, as .

fiy. /.
The changes 0 a in any triangle of the truss, for instance, those in 2 - 5 - 8, ar e

given by the following t hree equations :
ctg. a, +(S,-s -- S,_,) ctg. a. l
etg. u, +($,., ctg. a, r .

E LS a, etg . a, + (5, ., etg. a. )
in which S,_„ .5,-, and S,_, are the direct unit strains from the given lvad in the
members 8-5, 8-2 and 5-2 forn,ing the triangle, and E= .liodulus of Elasticity. The
change Lia, in tha trapezoid 2-9-6-5 is obtained as follows :-

Let the trapezoid be divided into two triangles by a diagonal 5-9 and apply to
these triangles the above eql)ations as follows :-

E L~ a,= (S, ., -S,_,) ctg . as +(S,-y-S,-,) ctg . a,
F. L!t as =- S, .,) ctg . at, +(S6a - S6_ 1) ctg. a, ,

from vhich the imaginary strain in the assumed diagonal is found :

S.
(S'=°-S~•~) ctg. a,+S,.,)ctg . a„ + S,_.,ctg . a,+-S,-, ctg . a„-E(L~at+Da,)S

ctg. a, + ctg . ala

wherein
E(0 a,+L1 a,) =-E (L1 al,+L1 lis ait + L1 121s)

(2 )

This enables use to determine Aa, from the triangle 2-5-9. In this way will be
determined all the changes A t which would take place under ' a given load, assuming
that the lower chord sections were free to turn at their ends. Owing to the continuity
of the chord, these changes in the angles g cannot take place without bending the chord.
In other v~ords, the forces P at the ends of each bottom chord section are no longer
acting axially, but produce bending strains. (See fig. 2 . )

fi9
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These bending strains can be obtained from the bending moments vt the ends o:.tthe membèr M, = P f, and M, = Pf,. Between the end moments M, and ~. ~nd U.
angles T, and T, which the end tangents form with the original axis, 1, the following
relations exist :

T _ (2M,+M,)1 1
' 6IE

(2M,+i}f,)l (
. . . . . . (9)

T' 8iE J

These formulae are obtained by integration of the differential equation of- the elastic
line.

dp M+~; --- IE_

Two_adjacentlower chord members and-L,-L,- (fig.- 3) will now be con,
sidered. In order to have equilibrium, the two moments M,L and M,$ at the panelpoint L, must be equal= hf,. The sum of th3 angles T,L and 'l',a must be equal to the
deformation L.1 C, of the angld C,.

Fig. g.

T _ r+T,f; . . . . (4), . . . . . . . . . . . .
By substituting for T,L and T,R the values (3) it follocvs :-

(2hf,+hf,)1,•, ( 23I,+11I,)1, .,
- © C ,+ --6 i,E
-

or, hf, a'° + 2M, ~ l''' •~ l' ' + M. (5)

Each panel point of the lower chord furnishes one equation of this kind ; as many
equations as there are uy;known bending moments are obtained, and these moments
can thus be determined . From tbe moments M the secondary strains in the member
are found by the usual formula '

S- Me
. . . . . . . . (6)

wherein e= dietanoe of extreme fibre from the neutral axis .
On account of the oontinuity of the lower chord, its own weight produces bend-

ing moments at the panel points, which cause bending strains in addition to the other
secondary strains. If the lower chord section L, - L, were free to turn, it wotuld, under
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its own weight iV, .,, deflect like a uniformly loaded beam on two supports ; the bending
moment at the centre would be

u ~ ►v17 a. . . . .g . . (7)

,0/~ w. fe 14.
~/ f•w p~s a ~ ~

a

_and the angles J3, ., which the end tangents of the elastic line form with the original
axis

(8)2f E l'
. .

The angle between two adjacent lower chord seetions L,-L, and L,-L, would
increase by the amount

C
Owing the the continuity of the chord, this increase cannot take place ; ~ therefore,
bending moments will occur at each panel point . These bending moments have to
correspond to equations (5) in which the values (9) have to be substituted for A C .

For the computation of the secondary strains the following cases of loading have
been considered :-

1 . Full dead load .
2 . A load of 3,000 lbs . per lin . ft . on one truss of the cantilever arm and suspended

span .
3 . A load of 3,000 lbs . per lin, ft . on one truss of the anchor arm.
4 . Own weight of lower chord .
The corresponding strains are given in the attached table, together with the

greatest combined atrains .
IInder the following conditions, the secondary strains in the lower chord from

dead load could practically be eliminated in the finished structure:
1 . If during erection the ends of the lower chord members were able to turn

freely about the joints .
2. If after the full dead load is on the bridge, the joints would coi,,, : to uniform

bearing .
Both these conditions can only be partly fulfilled . Even if the lower chords

were pin-connected, and the splices were not riveted up until completion of erection,
friction would partly prevent turning ; and it is almoet an impossibility for the shop
to work so accurately as to fulfil the seoond condition, especially for a polegonal chord
like that of the Quebec bridge.

If, for instance, a butt-joint has an even bearing at the beginning of the erection,
the etrains would be uniformly distributed over the entire section at that time, but
as soon as deformation commences, the strains will be transmitted eccentrically,
causing secondary strains which may be as high as if there were no joint at all .

As it is impossible to determine the exact condition under which the joints of the
lower chords come to an even bearing, it is equally impossible to ascertain what
percentage of thecomputPd secondary strains would come on any one of the chord
members .
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As the maximum bending moments occur at the panel points, the additionalsection provided for buékling .may help to resist the secondary strains at the panel
pointe where no buckling will take place.

No matter for what condition of loading the length of the members of the trusses
may be adjusted to give the joints of the lower chord an even bearing, secondary
strains will occar, and it is reasonable to assume that at least those produced by the
live load will occur in any case, These range from 3 to 20 per cent of the total direct
strains.

The total secondary strains may, therefore, range from the values A' , in the
table to the values B,, +Ba+B.,aincx► Sa(from live load of anchor arm) is always of
opposite sign to Ba .

The greatest secondary strain r4x"are in member L. - L, of the anchor arm, where
it is between,4,600 and 22,400 lbs. per square inch.

The second.syy strains in the lower chord are from 18 to 95 per cent of the cor-
responding direct strains ; this percentage is smallest at the ends of cantilever an

d anchor arms, and increases towards the pier.
In figuring the secondary strains, the pins have been assumed frictionless . A

calculation has shown that the strains caused in the lower chord by friction of the pins
are negligible ; being legs than 1 per cent of tbc secondary strains where the latter
reach the maximum .

The effect of friction of the pins is considerably greater on the eyebars of the
upper chord. Approximate computations show that the secondary strains in the eye-
bars for assumed rigid end connections, would be from 30 to 40 per cent of the direct
strains. Since for n coefficient of friction of 0-16, the strains caused by this assumed
friction amount to about the came as for rigid end connections, it follows that the ends
are prevented from turning under any load and the secondary strains can, therefore,
amount to the above given percentages of the direct strain .

It in probable, however, that during erection as well as afterwards, through
vibrations from moving loads, the eyebars gradually turn on the pins, thus- eliminat--
ing partly the secondary strains from the dead load .

The most favourable conJition which could be assumed is, that the secondary
strains are produced by the livo load only. The live load strains in the upper chord
bars are from 25 to 30 per cent of the total strains; henco, if the secondary strains
are 40 per cent of the primary strains produued by the live_load, they ivill amount to
at leti .9t froin 10 to 12 per cent of the total direct strains.
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